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THIS JOURNAL 


. . represents an effort by the Society to deliver technical data direct 
from the authors to the reader with the greatest possible speed. To 
this end, it has none of the usual editing required in more formal 
publications. 


Readers are invited to submit discussion applying to current papers. 
For papers in this Journal the final date on which a discussion should 
reach the Manager of Technical Publications appears as a /ootnote 
with each paper. 


Those who are planning papers or discussions for “Proceedings” will 
expedite Division and Committee action measurably by first studying 


“Publication Procedure for Technical Paper” (Proceedings Paper 290). 
For free copies of this paper—describing style, content, and format— 
address the Manager, Technical Publications, ASCE. 


Reprints from this Journal may be made on condition that the full title 
of the paper, name of the author, page reference (or paper number), 
and date of publication by the Society are given. Copyright 1956 by 
the American Society of Civil Engineers. The Society is not responsible 
for any statement made or opinion expressed in its publications. 


This Journal is published bi-monthly by the American Society of Civil 
Engineers. Publication office at 2500 South State Street, Ann Arbor, 
Michigan. Editorial and General Offices at 33 West 39 Street, New 
York 18, New York. $4.00 of a member’s dues are applied as a subscrip- 
tion to this Journal. Application for second-class mail privileges is 
pending at Ann Arbor, Michigan. 
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INFLUENCE LINES FOR REACTIONS OF CONTINUOUS TRUSSES 


Andrew John Pyka,? M. ASCE 
(Proc. Paper 914) 


SYNOPSIS 


The writer, in his experience in bridge design, has sought simplifications 
in the various methods of obtaining influence lines for reactions of continu- 
ous trusses. A procedure known as the “Analogous Cantilevered Truss 
Method” has been developed which embraces the principles of internal and 
external work as produced by a one pound load applied at the end of the 
structure after all reactions are removed and the truss is cantilevered from 
a wall support. 

The analysis involves no equations. It merely requires one stress analysis 
of an analogous cantilevered truss. Thereafter, all tabulations become a prob- 
lem in arithmetic. As a result of a simplified design procedure, computa- 
tional errors are easily detected and corrected. 


INTRODUCTION 


The method of virtual work lends itself very readily to the analysis for 
determining influence lines for reactions of indeterminate trusses. It is, in 
effect, an analogy for determining deflections which may occur in any direc- 
tion in space and which are produced by any imaginable group of loads and 
reactions. The method is widely used, either in part or whole, by bridge 
designers because of its simplicity in logic. Other methods have gained 
favor with some engineers, particularly the method of elastic weights or 
angle weights by which the entire elastic curve of a truss may be developed 
by taking moments along an analogous beam loaded with these angle weights. 
This latter method has its advantages in that it is a definite time saver when 
applied to parallel chord continuous trusses, and particularly so if the de- 
signer is well versed in its theory. However, designers not familiar with 
the method—especially those who do not have occasion to use the method 
frequently—are reluctant to use this analogous beam method and consequently 
resort to one of the “work” methods, 


Note: Discussion open until August 1, 1956. Paper 914 is part of the copyrighted ; 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
82, No. ST 2, March, 1956. 
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Despite the fact that the work methods are tedious and laborious, bridge 
designers still insist upon using them as a means of determining the panel 
point deflections of trusses and, in turn, obtaining the reaction influence 
lines. This was well borne out by a survey which the writer made relative 
to the approach and method of analysis used by bridge designers for calcu- 
lating reaction influence lines for continuous structures. A letter was sent 
to several consulting firms and governmental agencies in the United States 
concerned with bridge design, and inquiries were made as to the procedures 
used to obtain reaction influence lines for a particular three-span continuous 
truss of which the writer had knowledge and which was designed by one of the 
firms contacted, Out of the eight replies received, seven showed or implied 
that they used the method of virtual work and one said they used the method 
of least work. 

It is understandable that computations for each separate panel deflection 
by virtual work requires a repetition of the analysis procedure for a single 
panel deflection. In the writer’s opinion, it is a tedious, repetitious opera- 
tion vulnerable to innumerable chances for error. 


Design Procedure 
To clarify the procedure for this analogous cantilevered truss method, an 
illustration is given below: 


Given a three-span continuous bridge symmetrical about the centerline as 
indicated in Figure 1. 


R, Figure 1 


Influence ordinates for reaction Ry are required, 


All reactions are removed and the truss inserted into a vertical wall with 
a unit load applied at the free end as shown in Figure 2, Figure 3 is opposite 
hand to Figure 2. 


R, =/* Figure 2 
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The influence lines for the redundant reactions are obtained by the usual 
method of reversing the deflection curve of Figure 5, as shown in Figure 6, 
and superimposing one curve upon the other so that the ordinates of the two 
curves at Rg are made equal. 

The shaded area between the two curves of Figure 7 represents the influ- 
ence line area for Rg, i.e., the ordinates at the respective panel points be- 
tween these two curves represent the relative influence line ordinates for 
reaction Rg. Setting the ordinate “c” equal to unity and proportioning the 
other ordinates accordingly, we obtain the actual ordinates for reaction Ro 
as a virtual unit load moves across the span from left to right. Influence 
line ordinates for the other reactions may be determined by statics. 

It is apparent that by the tabulation procedures set forth it is possible to 
obtain very quickly the deflections of all the panel points due to a unit load on 
the span. The methods ordinarily used require a separate calculation for 
each single deflection component, 


Typical Example 


In order to bring out the merits of the analogous cantilevered truss 
method, the writer has sought to demonstrate its workability by a specific 
example, The Mississippi River Bridge at Dubuque, lowa was chosen as the 
practical problem for illustrating the procedure of analysis. Also, it seemed 
to be a challenge to the analogous cantilevered truss method in that the 
Dubuque bridge is a three-span continuous truss with a center tied-arch 
unit, making it a third order indeterminate structure. This bridge, a sec- 
tional elevation of which is shown in Figure 8, was designed by the firm of 
Howard, Needles, Tammen, and Bergendoff, of Kansas City, Missouri and 
opened to highway traffic in 1943. For the analysis of the structure, the 
designers used the theory of redundant members. A complete resume of 
their design approach is published in the American Society of Civil Engineers 
Transactions, Paper No. 2387. 

It will be noted that the analysis used by the designers of the bridge re- 
quires three elastic equations for a solution, namely: 


(R, Cve + +R, Za =0 
(aA) (R, w =0 
(RL£O va + How 
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BRIDGE ELEVATION - SHOWING PANEL POINT 


NOMENCLATURE FOR TABLES 1 & 2 


FIGURE 


These equations reduce to the following: 


( 0.0002538867R, - 0.000106734H + 0.000143508R, +Fa = 0 


(B) (-0.000106734R, + 0.0000730703H - 0.000106734R, +Lb = 0 
( 0.000134508R, - 0.000106734H + 0.0002538867R, +L = 0 


Where R, = left reaction 


Rqg = right reaction 
H = stress in horizontal tie 


and 


(La =ZS'vl/EA 
=£S'ul/EA 
(Xa =IsS'wl/EA 


S' = stress in each member due to a given panel 
point loading 
The 7 sets of figures for each of approximately 74 active truss members as 
shown in Table 3 of Paper 2387 give the values Lua, Lub, Lva,and 2 vd. 


These values, substituted in equations “A,” result in equations “B.” 
Of course, the unknown reactions in equations “B” can be solved in terms 
of the variables La, Lb, and Ld as shown in equations “D” given below: 


(R, = -10,372.-1%a - 17,067.78Lb - 1,312.5L4 
(D) (H = -17,067.7La - - 17,067.7L4 
(R, = -1,312.5£a - 17,067.7Zb - 10,372.1L4 
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However, this is only the beginning since tedious and repetitious calculations 
are required in order to obtain the La, Lb, and 2d values in equations “C” 
as the unit load travels across the span from one panel point to another. 
Finally, appropriate substitutions must be made in equations “D” to obtain 
the unknown reactions for every variance of the virtual unit load. The whole 
procedure becomes more confusing when the areas of the truss members 
are changed, since any change of member areas subsequent to the original 
analysis will unbalance the system, 

A close study of the design procedure as presented by the engineers will 
disclose the tremendous amount of work involved and the possibilities for 
error. However, this is in accordance with usual procedure for obtaining 
influence line ordinates for continuous structures and is no reflection upon 
the designers. It is the writer’s intent merely to show the extent of the de- 
sign work when an analysis by the theory of redundant members is utilized. 

An analysis by the analogous cantilevered truss method is simple and 
relatively short. Table 1 gives the compact tabulation for panel point de- 
flection ordinates with a unit load at point Lg, similar to that given in 
Figure 4, The member lengths and areas were taken from the Transactions, 
Paper 2387, Page 1284, with a few exceptions where the areas were modified 
to correspond to the final design analysis. The “U* values were computed 
for Case 2, page 15, and “U*” values were tabulated in reverse order of the 
“U” values. 

Tabulations in Table 3 give the final influence line ordinates for an 
intermediate reaction when we have a second order indeterminate three- 
span continuous truss with no tie. However, in this particular problem the 
truss is indeterminate to the third degree because of the tie; therefore, it 
was necessary to set up Tables 2 and 4, 

Column 23 in Table 2, gives the relative deflection ordinates at Lg as a 
unit load moves across the bridge, considering the tie in place. These values 
are used in Table 4 to calculate the influence line ordinates for reaction “Ro” 
and for the stress “H” in tie. 

A correction for the relative influence ordinates of column 14, Table 1 at 
panel points 9 and 31 only as indicated below is necessary due to a very 
minor error which is inherent in the system itself. A study of the unit 
stresses at these points will readily disclose the necessity for the correc- 
tion. 


*Pxi1x z must be deducted from deflections at 


Ug lg i.e. -.819 x 1 x 5.25 = 4.300) 
& - Corrections 


Ug Lg -.527 x 1 x 5.25 = -2.767) 


Therefore Ug lg = 6522.111 - 4.3 = 6517.811 


- Relative Deflections 
Uy ly = 5513.365 - 2.767 = 5510.618 ) 
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DEFLECTION ORDINATES WITHOUT TIE 


5510.618 _ 
S617 - 84547 


Ratio of deflection ordinates 


Therefore, relative deflection ordinates are as follows: 


P. Points 


1 
2 
3 
4 
6 
8 
9 
10 
11 
12 
13 
14 
15 
16 
17 
18 
19 
20 


Col.14 
Table 1 


816.744 
1635 .578 
2434 .730 
3202 .276 
3940.171 
4.631.198 
5293.512 
5919.286 

*6517.811 
7119.686 
7688. 321 
8243.74'7 
8728.004 
9208 . 334 
9611.277 
9960.671 

10216.656 

10385 .259 

10458.723 

10404.718 

10254 .139 
9990.204 
9650.594 
9276.639 
8815 .061 
8321.731 
7795-156 
7230.799 
6664 ..992 
6093.280 

##5510.618 
4.936.153 
4.352.232 
3757-723 
3154 .887 
2538.466 
1913.434 
1279.227 
639.311 


Ratio 


84547 
84547 
84547 
- 84547 


Col . 14- 
Table 1 


(reversed) 


639.311 
1279.227 
1913.434 
2533.466 
315+.887 
3757. 723 


10254.139 
10404.718 
10458.723 
10385 
10216.656 
9960.671 
9611.277 
9208. 334 
8728.004 
8243.747 
7688. 321 
7119 .686 
6517.811 
5919.286 
5293.512 
4631.198 
3940.171 
3202 .276 
2434 .730 
1635.578 
816. 744 


Relative 
Influence 
Ordinates 


276.226 
554.030 
816.979 
1056.079 
1272.809 
1454.158 
1613.830 
1745 .917 
1858.750 
1968 .000 
2053.270 
2130. 323 
2137.434 
2172.560 
2158.407 
2117.551 
2057. 368 
1938.841 
1789.156 
1607.841 
1411.603 
1209.779 
1012.718 
855.190 
689.015 
536.361 
415.890 
260.958 


Actual 
Influence 
Ordinates 


ASCE 
(Ry) 
- = 0.298 ‘a 
| - 84547 0.782 
- 84547 4.352.232 = 0.868 
= - 84547 4936.153. 0.939 
3 - :84547 5510.618 1.000 
- .84547 6093.280 «= 1.059 
- .84547 6664.992 = 1.105 
- 84547 7230.799 = 1.146 
- 84547 7795.156 = 1.150 
- 8321.731 = 1.169 
- ,84547 8815.06. = 1.161 
- .84547 9276.639 = 1.139 
84547 9650.594 = 1.107 
- .84547 9990.204 = 1.043 
- .84547 = 0.963 
- 84587 s 0.865 
19! - 84517 0.759 
. - 84547 = 0.651 
17' - = 0.545 
16' - 84547 = 0.460 
- 84547 = 0.371 3 
1h" - 64547 = 0.289 
4 13! - 84547 = 0.224 
12' - 84547 0.140 
- = 164.747 0.089 
4 10' - 73.799 0.040 
9' - = 0. 0.000 
8" - 64547 -68.426 -0.037 
; - = 123.274 -0.066 a 
6' - 84547 157.816 -0.085 
5' - .84547 = +-176.409 -0.095 
- 84547 = ~-168.962 -0.091 
3! - 84547 = 145.057 -0.078 
2' - .64547 = 103.605 -0.056 
- 84547 = 51.221 -0.028 
q Table 
| 
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Ratio of deflection ordinates = 


ST 2 


DEFLECTION ORDINATES WITH TIE 


__788.924 
1706.117 ~ “499 


DEFLECTION ORDINATES WITH TIE 


788.92 
Ratio of deflection ordinates 796.117 -43924 
. . Relative deflection ordinates are as follows: 
P. Points Col. 23 Ratio Col. 23 Relative 
Table 2 Table 2 Influence 
(Reversed) Line 
Ordinates Rp * 
1 291.707 - .4390% x 114.274 = 241.513 0.167 
2 585 - x 229.153 = 464.851 0.334 
3 859.620 - .4392h x 338.324 = 711.015 0.491 
4 1102.129 - .4392h x 438.319 = 909.602 0.628 
5 1324.985 - .4392h x 529.701 = 1082.319 0. 7&7 
6 1480.976 - .43920% x 607.501 = 1214.137 0.838 
7 1618.253 - .4392h x 676.973 = 1320.899 0.911 
8 1718.99. - .43924 x 735.858 = 1395.773 0.963 
*##1796.117 - .4392 x 768.924 = 1449.591 1.000 
10 1861.29. - .43924 x 834.885 = 1495.576 1.032 
1 1898.215 - .4392h x 874.886 = 1513.930 1.044 
12 1929.560 - .4392h x 916.612 = 1526.947 1.053 
13 1880.510 - .43920h x 947.661 = 1464.259 1.020 
14 1880.305 - .4392h x 993.702 = 1443.831 0.996 
15 1833.625 - .4392h x 1037.409 = 1377.953 0.951 
16 1778.888 - .4392h x 1094.856 = 1297.983 0.895 
17 1693.684 - .4392h x 1127.622 = 1198.387 0.827 
18 1603.739 - .4392h x 1208.684 = 1072.837 0.740 
19 1496.840 - .4392h x 1292.256 = 929.229 0.641 
20 1396.356 - .4392h x 1396.356 = 783.021 0.540 
19' 1296.256 - .4392h 1496.8h0 = 638.764 0.441 
18' 1208.684 - .4392h x 1603.739 = 504.258 0.348 
17’ 1127.622 - .43920h x 1693.684 = 383.688 0.265 
16" 1094.856 - .4392h x 1778.888 = 313.497 0.216 
15' 1037-409 - .4392h x 1833.625 = 232.008 0.160 
14" 993.702 - .43924 x 1880.305 = 167.797 0.116 
13° 947.661 - .4392h x 1860.510 = 121. 0.084 
12' 916.612 - .4392h x 1929.560 = 69.072 0.048 
874.886 - .4392h x 1898.215 = 41.114 0.028 
10' 834.885 - .4390h x 1861.291 = 17.332 0.012 
g' - .4392h x 1796.117 = 0.000 0.000 
8' 735.858 - .43924 x 1718.991 = -19.192 -0.013 
T' 676.973 - .4392% x 1618.253 = -33.828  -0.023 
6' 607.501 - .43924 x 1480.976 = -43.003 -0.030 
5' 529.701 - .4392h x 1314.985 = -47.893 -0.033 
438.319 - .4392% x 1102.129 = -45.780 -0.032 
3° 336.324 - x 849.620 = -34.863 -0.02% 
2' 229.153 - .4392h x 585.504 = -28.024  -0.019 
1° 114.274 - .4392h x 291.707 = -13.855 -0.010 
* Ro = R3 opposite hand. 
Table 4 
** Column 24 - 1.461 (Ro + R3) = 


See following calculations: 
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Actual Influence 
Line Ordinates 


1.461 x 
(Ro+R3) 


be ww w 
BIBLE 


BERS 


; 
~.067 
1.461 -000 
1.525 +.100 
+-761 
+1.039 
+1.206 
+1.189 
+1.039 
+.640 
+-518 
+-343 
+.22h 
+-100 
-.161 
~.206 
-.222 4 

-.195 
-.067 
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Calculations for corrections of ordinates at Lo and Lg with tie in place. 
Relative horizontal deflection between points Lg and Lg with unit vertical 
load at Lg: 


#3238. 748 - V x 1 = 3236. 748 - x 5.25 = 3236.25% 


s aot = 1.459 = gtress in tie with unit vertical 
loadatlg 


Relative vertical deflection at Ug Lg due to 1.459 loading in tie: 
Vx1lx k x 1.459 = .475 x 5.25 x 1.459 = 3.639 (correction) 
*###1796.778 + 3.639 - 4.300 = 1796.117 = corrected relative vertical 
deflection at Ugly 
Relative vertical deflection at UgLg due to 1.459 loading in tie: 


##788.052 + 3.639 - 2.767 = 788.924 = corrected relative vertical 
deflection at Ugly 


Figure 9 shows the influence lines for “Rg” and “H” with the ordinate values 
tabulated for the respective reactions. 


*See Col. 20 at Uglg Table 2 
**See Table 2, Col, 21 


*#*See Col. 23 at UgLg and Ugly Table 2. 
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CONCLUSION 


A complete analysis procedure for determining reaction influence lines of 
continuous trusses is given in Tables 1 and 2 with calculations as set forth in 
Tables 3 and 4. The analysis is greatly simplified when no tie exists in the 
geometry makeup of the truss, since Tables 2 and 4 can be omitted. In 
general, for continuous trusses of N-spans this same method of approach 
can be utilized. 

In essence, the analysis is a powerful mathematical tool for determining 
deflections of a simple span truss. Through its use, engineers can save de- 
sign time in calculating the panel point deflection ordinates for any particular 
unit loading on simple span trusses. Subsequently, by the process of elastic 
curve superpositioning, influence lines for reactions of continuous trusses 
can be readily obtained. 
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ARCHING ACTION THEORY OF MASONRY WALLS 


E. L. McDowell,! K. E. McKee”, A.M. ASCE, and E. Sevin? 
(Proc. Paper 915) 


ABSTRACT . 


The arching action theory of masonry walls proposed in this paper4 rep- 
resents a rather radical departure from the resistance to lateral forces 
usually assumed for this type of construction. The proposed theory is of- 
fered as one means of explaining and predicting the relatively great strength 
of masonry walls constrained between essentially rigid supports. Compari- 
son is made with the available test data on lateral loading of brick beams. 

The theory is used to obtain the static load-deflection curves for masonry 
beams of solid cross section. The results are found to compare reasonably 
well with the test data available to the authors on brick beams. 


INTRODUC TION 


Under certain conditions masonry walls have been known to withstand much 
larger lateral loads than would be predicted on the basis of conventional 
bending analyses. This additional strength can be developed when the wall is 
butted up against supports which are essentially rigid. For example, in ex- 
periments on brick beams discussed later, fixed-end beams developed from 
Note: Discussion open until August 1, 1956. Paper 915 is part of the copyrighted 
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three to six times the load-carrying capacity of simply-supported beams?. 

The so-called arching action theory proposed in this paper assumes that 
the resistance of the wall to lateral loads is due entirely to forces set up in 
the plane of the panel as a result of the tendency of the masonry material to 
be crushed at midspan and at the end supports. The proposed theory also in- 
cludes rather specific assumptions as to the stress-strain properties of 
masonry materials. For the purpose of this paper, masonry walls are con- 
sidered to be made of brittle materials with no reinforcing. According to this 
definition, one could consider unreinforced walls constructed of brick, con- 
crete, stone, cinder block, and rubble as masonry walls. 


Idealized Wall and Mode of Failure 


The idealized wall considered here consists of a beam constrained between 
rigid supports on two opposite edges. The beam is assumed to be of uniform 
solid cross section, with span 2L, depth 2d, and unit width. The beam is 
shown in a deformed position in Fig. la. Modification of the present theory 
would be required in order to apply the results obtained to walls supported on 
all four sides and of other than solid cross section. It is also assumed that 
the applied lateral loads are spanwise symmetrical, continuously distributed, 
and act in only one direction. 

The principal assumption concerning the physical properties of masonry 
materials is their inability to withstand tensile stress. The stress-strain 
properties of these materials are discussed at greater length in a later 
section. 

The assumed mode of response of the idealized wall may be described as 
follows: immediately upon loading, cracks develop on the tension sides at the 
ends and center of the span. Initially, these cracks extend to the centerline 
of the beam. During subsequent motion it is assumed that each half of the 
beam remains rigid and rotates about an end and the center. The resistance 
to this motion comes about through a force couple set up at the ends and 
center due to crushing of the masonry material at these positions, see Fig. 1. 
This rotation continues until either the load is removed or the resisting 
couple vanishes, in which case the wall is destroyed. It is also assumed, of 
course, that the wall does not translate. The reference to “arching action” 
results from the resemblance of this motion to that of a three-hinged arch. 


Kinematic Considerations 


Expressions for strain along the contact area at the ends and center of the 
beam are developed in terms of the midspan deflection of the centerline. The 
idealized wall is shown in a deformed position in Fig. la, while the geometry 
at the contact area is shown in detail in Fig. lb. The following nomenclature 
is indicated on these figures. 

d = half depth of wall 

L = half span of wall 

w = deflection at center of wall 

6 = angle of rotation of half wall considered as a rigid body 


5. Massachusetts Institute of Technology, “Behavior of Wall Panels under 
Static and Dynamic Loads II”, Department of Civil and Sanitary Engineer- 
ing, January 1954. 
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a = portion of half depth measured from the centerline no longer in contact 
with the support 
ad = length of contact area (@ is a pure number) 

y = coordinate measured as shown in Fib. lb 

6 = shortening of material in contact with support at distance y 

55 = maximum shortening of material at extreme fiber 

The assumed mode of response of the idealized wall is such that each half 
of the beam rotates about the first point in contact with the support. Equi- 
librium requires that the contact areas at the ends and center be equal. The 
predominant feature of this motion is that the contact area decreases with in- 
creasing center deflection. From the geometry of Fig. 1 this decrease is 
measured by 


L ,l cos 
a=5 ( sind ) (1) 


The center deflection is given in terms of the rotation by 


w= 2L (2) 


From Eq’s. (1) and (2), the decrease of contact area and the center deflection 
are related by 


(3) 


In view of the fact that the decrease in contact area at the ends and center 
is of the same magnitude as the center deflection, it is unlikely that this 
separation could be reasonably neglected. 

It is convenient to introduce the following nondimensional notation: 


Then, from Eq’s. (1) and (2) 


2nu 


sind = | 
1 + (m) 


(5) 


1- m)* 


cose = 
1 + (m) 


From the geometry of Fig. 1b the fraction of the half depth in contact with the 
support is given by 


1+ u 
Q = (6) 


=" 
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The shortening of the material at a position y is 


(1) 
1- (m)* 


The average strain along a fiber of the beam at distance y from the bottom 
surface can be defined as 


(8) 


As seen in Fig. 1 each fiber of the half beam is unstressed at one end. It 
is assumed that the variation of strain along any one fiber is linear, the 
strain being a maximum at the contact end and zero at the opposite end. Ac- 
cording to the definition of average strain in Eq. (8), the strain at the contact 
end is then 


e = 2e =< (9) 


Equation (9) results from admittedly arbitrary assumptions; however, i: view 
of the lack of more specific knowledge this approach is not deemed unreason- 
able. 

By Eq’s. (1) and (9) the strain along the contact area is given by 


bn?u 


The nondimensional variable, R, is defined as 


e e 2 
Re ok (11) 
bn’ 


where e, is the strain associated with the crushing strength of the masonry 
material. It will be noted that, for the range of interest considered here, 
both n and u will be sufficiently small so that the quantity (nu)? generally can 
be neglected as compared with unity. With this approximation, and using 
Eq. (11), Eq. (10) can be written in the following form 


Re . 
u(l - 5) (12) 


The distribution of strain along the contact area as given by Eq. (12) is 
fundamental in the determination of the resisting forces and moments. 


= 
J 
avg L 
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Material Properties 


As stated earlier, it has been assumed that the masonry materials con- : 
sidered here can sustain no tensile stress. More specifically, the assump- ; 
tion concerning the properties of masonry materials are embodied in the 
stress-strain diagram of Fig. 2 and the complete load deflection cycle of 

Fig. 3. 

On initial loading, the stress-strain behavior of masonry materials is as- 
sumed to be of the classical elastic-plastic form, where the plastic state 
corresponds to the crushing strength of the material. However, the additional 
property is assumed that, whenever the crushing strength is exceeded and the 
strain decreases, the stress drops instantly to zero (Fig. 3). In other words, 
masonry materials are assumed to have no strength recovery properties be- 
yond the elastic range. 

As a consequence of the strain distribution along the contact area as given 
by Eq. (12) and the material properties illustrated in Fig. 3, the following 
qualitative description of the state of stress along the contact area can be 
given. Initially, the strain along the contact area increases linearly with the 
center deflection. At some point the stress will reach the crushing strength 
and remain constant at this value with increasing strain. With still greater 
deflections the strain will begin to decrease at certain points whereupon, if 
the crushing strength has been reached, the stress instantly vanishes. Mean- 
while the contact area is continually decreasing. Thus, we expect a force at 
the contact area which increases nearly linearly to a maximum value and then 
falls off to zero. 

More specifically, the state of stress along the contact area is as indicated a 
in Fig. 4 which results from combining Eq. (12) with the assumptions implicit ts 
in Fig. 3. The intersection of planes perpendicular to the u-axis with the 
surface plotted in Fig. 4 (the shaded areas in the figure) define the stress dis- 
tribution along the contact area for a constant center deflection. 


Arching Forces and Moments 


The arching force per unit width of the beam, P(u), represents the resultant : 
of the stress distribution along the contact area at the end and center of the 
beam, and depends on the nondimensional center deflection, u. The force 
P(u) was evaluated for several values of R and the results are plotted in Fig. 
5 in terms of the dimensionless parameters u and ap - The analytical ex- 

c 
pressions for P(u) are given in Table I. These results follow from straight- 
forward static considerations and are not given in detail here. 


It will be observed from Eq. (12) that R>> corresponds to the elastic 


state of stress throughout the deflection history since then e<e,. Similarly, 
R = 0 corresponds to the plastic state of stress throughout the deflection 
history. 
The moment resistance, M(u), is defined as the moment due to the arching a 
forces, i.e., 
M(u) = r(u) P(u) (13) = 


where r(u) is the moment arm shown in Fig. 1. From the geometry of Fig. 1 tet 


Ty 
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where y locates the centroid of the stress distribution along the contact area 
as shown in Fig. 1b. If, as before, the quantity (nu)? is neglected in compari- 
son with unity, an approximate form for r(u) is found to be 


r(u) = 2d(l -u - (15) 


The moment resistance, M(u), was computed for several values of R using 
Eq. (15), and the results are plotted in Fig. 6 in terms of the dimensionless 


parameters u and iM . The analytical form for these curves is given in 
c 
Table I. 
The moment resistance curves can be converted directly to load deflection 
curves once the distribution of the applied load is specified. For a uniformly 
applied static load per unit length, p, the load-deflection curve is obtained 


from the moment equation 


2 
= M(u) (16) 


Comparison With Experimental Results 


Recent tests on the static behavior of brick beams under lateral loads con- 
ducted at Massachusetts Institute of Technology (MIT) affords an interesting 
check on the arching theory. As part of a large number of static and dynamic 
tests on masonry slabs and beams, 17 reinforced brick beams were tested 
under fixed end conditions. It is believed that the test conditions were such 
as to permit a valid comparison of the test results with the theory presented 
in this paper. 

Four lengths of beams were tested—3, 6, 8 and 12 ft; all beams were 8 in. 
thick (2 wythes). Two types of beams were used; one type consisted of 6 
stretcher courses and one interior header course, and was 18 in. wide. Per- 
tinent properties of these beams are summarized in Table Il. The beams 
were loaded statically at the third points; data recorded consisted of midspan 
deflection,ultimate load, mode of failure, and end rotation. The end rotation 
was measured by means of two dial gages placed top and bottom at each end 
cf the test beams. 

Values of Young’s Modulus, E, for the test beams were not presented, al- 
though the average compressive stress for the mortar was given (see Table 
11). Based on an assumed value of E = 106 psi and s- equal to the average 
compressive stress reported by MIT, the parameter R of Eq. (11) is found to 
range from 0.0048 for the 3 ft spans to 0.055 for the 12 ft span. Figure 6 
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2 
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shows that for this range of R and u (the ultimate load occurred for u less 
than 0.1 in all cases) the maximum resisting moment, M(u), is not too sensi- 
tive to the value of R. Thus, since E = 106 psi is not considered unrealistic 
for the test beams (though possibly high) the crushing strain, ec, is based on 
this value of E in the following discussion. 

The test results are compared with the predictions of the present theory 
in Fig. 7 and 8, in which midspan deflection is plotted against an equivalent 
uniform loading. The predicted load-deflection curves are based on an 
average Sc for each span (see Table IX), and represent plots of Eq. (16) to- 
gether with Fig. 6. Inspection of these figures indicates that the arching 
theory compares quite favorably with the experimental results in respect to 
the general shape of the load-deflection curve and the ultimate (maximum) 
load sustained by the beams. The abrupt change in shape of the experimental 
curves during the initial loading period (most pronounced for the longer spans) 
is no doubt due to tensile failure, the beams having behaved nearly elastically 
up to this time. Since the present theory assumes that the masonry material 
can withstand no tensile stress, agreement with experiment is not expected 
during the initial loading period. The later agreement would indicate, how- 
ever, that the tensile strength of the material hardly influences the load ca- 
pacity of the beam when end restraint is provided—at least for the materials 
tested. 

Figure 9 is a plot of end rotation versus midspan deflection for represent- 
ative test beams. Also shown in the figure are curves of the angle @ (obtained 
from Eq. 5) which defines the end rotation of the beam as depicted in the 
present analysis. As can be seen, the comparison between theory and experi- 
ment is reasonable good, especially for the 8 ft span, considering the idealized 
conception of beam behavior on which the theory is based. This comparison 
is particularly interesting since it pertains to the kinematic assumptions of 
the theory and not to the assumptions concerning the stress-strain properties 
of masonry materials. 

One conclusion of the MIT tests (as given in their report) was that the ul- 
timate static load varies inversely with the square of the span length, other 
things being equal. It is of interest to see if the present theory supports this 
view. The maximum value of M(u) as obtained from Fig. 6 is plotted against 
1/R in Fig. 10. As seen, the maximum M(u) is essentially constant for R less 
than about 1/16, which corresponds to the MIT test conditions. And, for con- 
stant maximum M(u), Eq. (16) shows that the maximum applied uniform load 
will indeed vary inversely as L2, However, for relatively small depths or 
long spans where R is greater than about 1/4, Fig. 10 indicates that maximum 
M(u) varies nearly linearly with 1/L2. Hence, for these conditions the ulti- 
mate load would be expected to vary inversely as the fourth power of the span 


length. 
CONCLUSIONS AND DISCUSSION 


Masonry walls with end restraint can withstand much larger lateral loads 
than predicted by means of conventional elastic or elastic-plastic bending 


6. The test beams were loaded at the third points. The experimental load 


deflection curves presented here were taken directly from the MIT report 
where the data was plotted against an equivalent uniform load. 
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analyses. The theory presented in this paper is based on the assumption that 
the principal resistance to lateral loads stems from a crushing action at the 
end supports and center of the panel. Predictions based on this theory. which 
also includes an idealization of the stress-strain properties of masonry ma- 
terials, compare favorably with experimental data available to the authors. 

The arching theory obviously represents an extreme idealization of the 
behavior of end-restrained masonry beams, both with respect to the geometry 
of the motion and the stress-strain properties of the material. While alter- 
nate failure theories (e.g., shearing action) have not been considered in detail, 
it is the author’s present belief that an adequate theory must recognize the 
occurrence of large thrust forces set up in the plane of the panel. Whether or 
not these forces are accurately represented in the present theory, especially 
in view of the rather stochastic nature of the physical properties of masonry 
materials, is not known. However, the reasonably close agreement between 
theory and experiment presented must certainly lend support to this concep- 
tion of masonry wall behavior. 

The arching action theory has been applied by the authors to two-way pan- 
els and masonry units of other than solid cross section. The static load-de- 
flection curve has also been included in a dynamic analysis of fixed-end 
masonry panels. 
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Table II 
PROPERTIES OF MIT TEST BEAMS 


Avg. Flex. Avg. Comp. 
psi) psi) 


*R based on average compressive stress for mortar and E = 10° psi. Data from 


Table 4.1, Reference No. 5. 


| 

31 18 201 1079 0.007 
3-2 10.25 262 1050 
3-3 10.25 215 1050 
3-5 18 147 682 
Atte ta 6-1 72 10.25 205 853 0.0151 Se 
6-2 10.25 210 587 
6-L 18 126 75h 
a 6-5 18 127 682 & 
6-6 18 249 860 
8-1 10.25 159 648 0.0323 
8-2 18 197 881 
8-3 10.25 266 1162 
a 12-2 18 175 581 
12-3 18 23h 675 
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(a) Wall in Deflected Position 


(b) Geometry at Support 


Fig. | idealized Masonry Wall 
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STRESS, s 
(TENSION) 


STRAIN, e 


Fig.2 Assumed Stress-Strain Curve 
for Masonry Materials 
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Fig.3 Assumed Stress-Strain Behavior 
During Loading Cycle 
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- - —_ - —_ - - - —- OF PANEL 
Fig.4 State of Stress Along Contact Area 
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—— MIT DATA 
ARCHING THEORY 


EQUIVALENT UNIFORM LOAD (PSI) 


0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 
MIDSPAN DEFLECTION  (IN.) 


(a) 8 ft Span 


—— MIT DATA 
---- ARCHING THEORY 


(PSI) 


EQUIVALENT UNIFORM LOAD 


0 0.2 0.4 0.6 0.8 1,0 1.2 1.4 
MIDSPAN DEFLECTION (IN.) 


(b) 12 ft Span 


Fig. 8 Load-Deflection Curves for 8-in. Brick Beams, 
8 and |2 ft Spans 
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Fig. 9 Comparison Between Experimental and 
Theoretical End Rotation 


Fig.10 Maximum Resisting Moment vs. 
Dimensionless Parameter Vp 


ST 2 March, 1956 
: 
4 
0. 4 ‘A 4 
0 2 
0.024 
4 
4 
- 
me 
3 
x 
2 
4 
4 8 12 16 20 24 28 | 
R ec L 
| 
4 


JOURNAL 
STRUCTURAL DIVISION 
Proceedings of the American Society of Civil Engineers 


ANALYSIS OF COLLAR SLABS FOR SHELLS OF REVOLUTION 


Gunhard Oravas# 
(Proc. Paper 916) 


SYNOPSIS 


Shells of revolution find wide application as surface carrying structures 
spanning large unobstructed areas with considerable weight-strength economy 
of the structure. Very often these shells are extended beyond their bound- 
aries by rotationally symmetrical collar slabs. A typical structure of this 
kind is ana'ysed in this paper by a method of successive approximations. 


INTRODUCTION 


There are several different ways to analyse this structure and in this 
work a method of successive approximations is employed to obtain the solu- 
tion. There are a number of tables available to facilitate the numerical work 
involved for the chosen method of procedure(1)(2)#. 

The structure shown in Fig. 1 is composed of five distinct structural 
entities: 

a) Spherical shell 
b) Collar slab 

c) Ring girder 

d) Columns 

The stiffness of the columns is of small order of magnitude as compared 
to the rest of the elements involved and therefore can be neglected in the 
analysis. The spherical shell analysis requires a few explanations for read- 
ers uninitiated in the theory of shells(3)(4)(5)(6), 

Thin shells in general are treated at first as very thin membranes with 
practically no transverse stiffness to speak of. In this state there are no 
transverse bending moments nor shears acting on the shell and the loads are 
carried by forces acting in the plane of the shell only. These forces, called 
membrane forces, cause the shell to undergo deformations that usually bring 
into existence some inconsistencies of continuity on the boundaries of the 
Shell. The membrane forces are quite inadequate to take care of these 
Note: Discussion open until August 1, 1956. Paper 916 is part of the copyrighted 

Journal of the Structural Division of the American Society of Civil Engineers, Vol. 

82, No. ST 2, March, 1956. 

a. Detroit, Michigan. 
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inconsistencies and therefore transverse shears and bending moments intro- 
duce themselves as the only remedy to restore the continuity. In most thin 
shells, the effects brought about by the transverse quantities are fortunately 
limited to a narrow zone at the boundary. The perturbation caused by bound- 
ary effect decays drastically with the distance from the edge. Qualitatively, 
the shell can be divided into two major regions. The area away from the 
boundary could be called the membrane zone, because of the negligible effect 
of the boundary perturbation in this region. The area near the edge, where 
the boundary forces exercise great influence, is called the boundary zone. 

Proceeding in the manner stated above various values of shell properties 
are derived which find usage in this analysis. The final stresses in the shell 
are obtained by superimposing the bending and membrane solutions. The 
membrane shell does not contribute to transverse stresses or moments. 

The rotationally symmetrical collar slab is analyzed as a rotationally 
symmetrical annular slab for transverse bending and as a plain stress 
problem for forces acting in its plane(5), 

As this analysis is carried through for application in the field of rein- 
forced concrete, it is admissible to set Poisson’s Ratio V = 0. 


Collar Slab 


The rotationally symmetrical annual slab (Fig. 2) admits a solution for 
transverse bending under uniform normal loading(4)(5)(6) p 


4 
r 2 2 
where 3 


For the continuity analysis, a number of relations are developed below. 


Stiffness 


Stiffness defines the edge moment necessary to produce a specified rota- 
tion at the edge of the collar slab with boundary conditions as shown in Fig. 4. 
The stiffness at rj; 


(2 1)" — 


M; 


where 


The carry-over factor at rj 
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Carry-over factor at ro 
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Uniform Load 


A uniformly loaded collar slab fixed at its boundaries (Fig. 2) gives the 
following fixed end moments 


64 


= +2¢,+(3+ ZLnB)C, | 


The vertical reactions are 
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Horizontal Forces in the Plane 
of the Collar Slab 


(Fig. 3) 2 


The hoop force distribution is obtained from 


2 2 
rHEL 
Ring Girder 
The analysis of ring girders (Fig. 5) gives the following relations(7)(4) 


Stiffness 
La Rot F 
(ag 


Radial pressure and deflection relation 
bd 
A,=(- Re 


Spherical Shell 


The information for thin spherical shells is given in a previous publica- 
tion(1) and therefore the necessary formulas are given for the problem 


treated here (Fig. 6). 
The fixed end moment for gravity load 


226 Cosa 2 Cola 
F 


and the fixed end reaction 
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Membrane meridional force 


Nx Cosa 


Change of reaction due to change of moment 


2€ 
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The stiffness 


k= 


Procedure of Continuity Analysis 


From the physical point of view, the analysis is divided into the following 
parts: 

a) The structure is kept in position of non-deflecting boundaries by arbi- 
trarily applied reactions. The intersections of the main elements of the 
structure are permitted to balance the boundary moments by appropriate ro- 
tations. In general, horizontal reactions result which are not compatible with 
the physical support condition of the structure. 

b) This operation establishes the relationship between boundary deflection 
and horizontal reactions involved. The boundaries are given an arbitrary de- 
flection “ 4 ,” and maintained in this position by reactions. The rotations of 
the intewenctous of the structural elements are again allowed to rotate until 
the moments at the boundaries are in equilibrium. 

c) In this final operation an appropriate superposition of the two solutions 
provides the desired solution which satisfies the equilibrium of boundary 
moments and the nature of exterior support. 


Application 


Data 


Using the relations developed earlier the following coefficients are cal- 
culated for the structure shown in Fig. 1. 
Girder (1): 
So, = OE, 


H, = 0.013 4, E. 
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Girder (2): 


Collar Slab: 


ST 2 


0.0003 BE, 
H, = 0.0028 4, 


‘0.0207 6E, 2.29, 
0.0037 Y=-/.42, 


Spherical Shell: 


Analysis 


0.03 4,.& k = 


Si, = 0.0078 OE, 
= (-O.485) 
My, =(- 0.0038) 4, E, 
Hy, = (0.0034) AE, 


Mp=-0.5 tk/y 
H, = 0.22 
Cosa = 9.36 
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In applying this procedure, the positive end moment is taken to act clock- 


wise on the member. 


Distribution Factors at (1): 
Spherical Shell: 0-262 
Collar Slab: 0:-0207 6E 0.698 


Girder (1): 


0.0012 CE 0.040 
0-029476E #£=+|.000 


Distribution Factors at (2): 
Collar Slab: 0.0037 @E 0.925 


Girder (2): 


0.0003 6E 0.075 
0.0040 


q 
Fi 
S 
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: 
= 
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Reactions at (1): 
Spherical Shell: — 
F.E. = O.272 

AH, = 2.18 = (-O.485)-45) 


-40 


Collar Slab and 93% 
Girders (1) and (2) Ny COSA = 36 
k 
Operation (b): =H, = 6.96 K/h 
Take ArE = 100 p/ft, then 
for Spherical Shell: 
- 0.38 
Ma, = o. 33 


Girder (1): 


H, = 143 k/f# 


2): 
Girder (2) H, = (0.00 28)(KA,JE = 0.22 kff (Fig: 3) 


ASCE ORAVAS 916-7 
61519 
| 0.075 10.925 C-S ~(0249)\0-698 Q262 | 
-/7.5 + 45.2 |-0.5 
+ 13 | +162 22.9 
+ 5.8 1-5.0 


916-8 March, 1956 
Collar Slab: 


Reactions at (1): 
Spherical Shell 


Fe = 033 


BH. = O05 <(0.IX-0.485) 


Girder (1): 
Girder (2): 
Collar Slab: 


ZH,= 4-63 
It should be noted that the change in reaction acts in a sense to prevent the 
horizontal edge deflection due to the increment of the moment. 


Operation (c): 
Condition for exterior reactions 


6.96 -463 K=O ers. 


The final moments: 
Spherical Shell: 


- 0.5 
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Collar Slab: 
M; 5.8 
(*03)0.5)= + O.5 
+ 6.3 fk/H 
Mp “ts 
Girder (1): M..: -0o.8 
Girder (2): Moz: 


OXI5)= O 
+15 Ak/G 


Final horizontal Reactions producing continuity: 
Spherical Shell: 


(0:28)I-5) = o.42 
2-82 


Collar Slab: 


1.95 
Girder (1): 
« 5% 
435 2,43 
3M a = 
0.73 


Girder (2): 
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The actual reaction is obtained by superimposing N,, cosa= 9.36 k/ft on 
this solution, (Fig. 7) 


Hes. 


In this paper a problem of rotationally symmetrical collar slab bordering 
a central rotationally symmetrical spherical shell has been analysed by a 
method of successive approximations. 
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HEAVY AND TALL BUILDING PROBLEMS IN MEXICO CITY 


Leonardo zZeevaert,! A.M. ASCE 
(Proc. Paper 917) 


INTRODUCTION 


Heavy and tall building problems in Mexico City create special problems 
in foundation engineering and structural design, because ot the difficult sub- 
soil conditions under Mexico City and earthquakes taking piace in that region. 
When a heavy building is constructed it is usually necessar: to design a com- 
pensated foundation with a deep excavation, thus removing a substantial 
weight of earth to be replaced later on by the weight of the building. In many 
cases for very heavy buildings it is necessary to use piles, either point bear- 
ing piles or point-bearing-friction piles. 

To achieve with success a foundation design it is necessary to obtain a 
comprehensive knowledge of the mechanical properties and index properties 
of the materials of the subsoil from the point of view of soil mechanics, and 
make out of the results of the investigation a good interpretation in order to 
obtain a better understanding of the behaviour of the subsoil deposits as a 
whole. 

From the point of view of structural engineering, there is always a prob- 
lem concerning the seismic forces that may act in the superstructure. The 
tall buildings should be designed taking into consideration the dynamic effects 
of the earthquake forces in the superstructure and foundation. 

The aim of this paper is to discuss briefly the problems that arise in the 
design of the foundation in heavy and tall buildings in Mexico City, and in or- 
der to illustrate the general philosophy of design, at the end of the paper two 
specific cases of foundations designed by the author for two important build- 
ings in Mexico City are presented. 

Acknowledgment is due to Prof. Warren Raeder, Head of Civil Engineering 
Department of University of Colorado for his suggestions concerning the topic 
here presented and for reviewing the manuscript. 


Note: Discussion open until August 1, 1956. Paper 917 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
82, No. ST 2, March, 1956. 

1. Prof. of Civ. Eng., University of Mexico, Mexico, D. F., Mexico. 
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Outline on Subsoil Conditions(1, 2, 3) 


In the heart of the city, from the surface of the ground to about a depth of 
6 mts. archeological deposits have accumulated for the past 600 years. From 
a depth of about 6 to 9 mts., as Fig. 1 shows, a series of alluvial and lacus- 
trine deposits of pyroclastic materials may be found. From a depth of 9 to 
about 33 mts. a thick deposit of lacustrine volcanic clay may be encountered 
with very high water content reaching up to 300%, measured as the ratio by 
weight to solid matter. Naturally, that with this high water content the clay 
is highly compressible, Fig. 2, and even a small increment of pressure is 
likely to produce large settlements. However, because of the very active 
clay minerals contained in the clay, the shearing strength is rather high if 
compared with clays in other places of the world that contain much lower 
water contents, Fig. 3. 

From about 33 to 38 mts., an alluvial deposit of fine sand and gravel 
cemented with calcium carbonate and clay is encountered. This stratifica- 
tion is used in the heart of the city to support point bearing piles. 

From 38 to 48 mts. another lacustrine deposit of high compressible 
volcanic clay is encountered, which has an average water content of 200% 
and an average shearing strength of 0.6 K/c2. 

To greater depths than 48 mts., series of alluvial deposits of sand, silt 
and andesitic gravel may be encountered. 

From the stratigraphical point of view the subsoil consists of cycles of 
alluvial and lacustrine deposits that appear to be the result of the transgres- 
sion and regression of the sediments because of the different elevations of 
the water level in the lake during sedimentation. 

A comparison of the compressibility curves from Mexico City with respect 
to other clays as encountered in Chicago, Detroit, Boston and other places 
away from Mexico City are shown in Fig. 2. As it may be seen, the compres- 
sibility of Mexico City clay is very much higher than any one of the clays 
that may be found in other places. 

Concerning the shearing strength as shown in Fig. 3, it may be seen also 
that on the basis of water content Mexico City clay has a larger shearing 
strength than most of the clays showing lower compressibility and much 
lower water content. 

Therefore, the main problem in foundation engineering in Mexico City is 
the high compressibility of the lacustrine silty clay deposits. 


Excavations 


Heavy buildings in Mexico City require deep excavations into the soft vol- 
canic clay deposits, thus presenting important foundation engineering prob- 
lems. The phenomena encountered when making excavations are of two types. 
One is mainly due to elastic restitution of the clay structure and swelling of 
the clay minerals taking place during load relief. The other, observed as a 
very large heave and plastic flow into the excavation, may be because the 
shearing strength of the material at the bottom of the excavation has been 
reached. Therefore, the depth and protection of the excavation should be 
made in such a way as to assure that there will be no plastic flow into the 
excavation. Furthermore, the shearing stresses in the mass should remain 
well under the shearing strength of the clay. An excavation made to a depth 
of 4.5 mts. in a specific place where the heave has been observed is shown 
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in Fig. 4. It may be noted that a heave of 20 cms. was obtained. This heave 
was only due to elastic restitution and swelling of the clay. 

After the load is reapplied the heave observed has to be recompressed in- 
to its original position. The swelling effect produces softening of the bond 
between the clay particles, therefore even if the same load is reapplied the 
recompression of the clay will produce a residual additional settlement, that 
is highly dependent on the amount of bond softening that took place during ex- 
cavation. 


Compensated Foundation(4; 5, 6) 


When it is decided to use a compensated foundation or a so called “floating 
foundation,” the critical compressive pressure of the clay should be consid- 
ered as shown in Fig. 2. The point at which the flat portion of the curve 
merges into the steep portion is known as the critical confined compressive 
pressure as observed in Mexico City high sensitive volcanic clays. The high 
bond given by the active clay minerals produces a preconsolidated type ma- 
terial. When this pressure is passed the compressibility of the material in- 
creases considerably, as shown in Fig. 2. 

In the design of a compensated foundation the increment of pressure in the 
mass should not be larger than the increment of pressure above the actual 
overburden pressure to the critical pressure. This practice calls for deep 
excavations and as the load is reapplied, recompression takes place with a 
compressibility corresponding approximately to the flat portion of the com- 
pressibility curve and the settlement obtained is the minimum settlement 
that may be obtained under these conditions. However, in several instances 
the settlement may be prohibitive because actually the clay in the flat portion 
of the curve may exhibit very high compressibility. 


Pile Foundations 


When it is found that a heavy foundation cannot be placed by removing 
enough material from the excavation to compensate effectively for the weight 
of a building, because actually the depth of the excavation is limited by the 
heave of the clay deposits and the stability of the excavation is conjunction 
with the hydraulic conditions of the mass, it is necessary to use piles. 

Three types of piles may be used in this case depending upon the strati- 
graphy mentioned above, Fig. 1. 


a) Point bearing piles that may rest on the 33 mts. depth sand layer. 

b) Friction piles in the clay deposit used only if the load is not very large. 

c) Point bearing and friction piles when a fine sand and gravel deposit is 
strong enough to take part of the load of the pile by point bearing. 


To decide which type of pile should be used it is necessary to investigate 
carefully the shearing strength and compressibility characteristics of the 
subsoil materials. 

When point bearing piles are not enough to take the total load of the build- 
ing, then it is necessary to use a compensated pile foundation. This means 
that in a design of this sort the piles will not take the total load of the building. 
Therefore, the balance is taken by water uplift pressure against the founda- 
tion slab. 

Several buildings have been designed by the author with success, following 
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the above philosophy. In other instances the buildings have been designed us- 
ing friction piles and compensating with removal of soil pressure and water 
pressure. 


Subsidence(7) 


In the design of pile foundations the subsidence of Mexico City must be 
considered. The pumping of water has reduced the piezometric pressures 
with depth, thus producing a descending water flow, Fig. 1. The increasing 
effective stresses in the subsoil due to the induced hydraulic gradient are 
continuously compressing the volcanic clay deposits. 

Buildings on piles resting on the 33 mts. sand layer emerge from the 
ground surface because of the compression of the upper volcanic clay deposit 
shown in geological profile in Fig. 1. The relative velocity of deformation of 
these deposits with respect to the piles introduces a negative friction on the 
piles. The extra load produced by the negative friction has to be considered 
in pile design. The surface subsidence produces also problems in the public 
utilities because the sidewalk settles away from the main floor of the building 
on piles. This very serious problem has to be studied carefully in connection 
with the architectural design of the building. 

Observations made by “La Latino Americana,” Insurance Company, since 
1949 in the Central Park unloaded area with the purpose of finding out the 
source of surface subsidence for the design of their 43 story building, are 
shown in Fig. 5. It may be seen that since 1949 the surface of the ground 
with respect to a benchmark installed at 48 mts. depth has settled 140 cms. 
The lacustrine clay deposit of high compressibility between 38 and 48 mts. 
depth has compressed in that particular area a total of 70 cms., therefore the 
upper lacustrine clay deposit has compressed also 70 cms. 


Earthquakes (8) 


The earthquake problem is closely related with the foundation problem and 
the superstructure design. Earthquakes in Mexico City have been of the or- 
der of the 7th grade of the Mercalli scale and apparently, there has been re- 
ported one in the XVII century of the 8th of the Mercalli scale. Therefore, it 
should be expected that in Mexico City one may have, sooner or later, an 
earthquake of the 8th grade of the Mercalli scale, which means a strong ac- 
celeration that has to be transmitted to tall buildings. Fortunately the lower 
part of buildings may be designed flexible enough, in order that the earth- 
quake forces may be transmitted more gently, in contrast to buildings with 
very rigid lower floors. 

Tall buildings in Mexico City require an accurate analysis of the vibration 
problem induced by the seismic forces. It is necessary to find out the prob- 
able shearing forces in the different floors because of the always increasing 
acceleration as going from the main floor to the upper floors. It is very im- 
portant to calculate the probable shearing forces during an earthquake in or- 
der to estimate the reactions in the foundation produced by this phenomenon, 
and to compute the probable excess pressures at the edges of the foundation 
and on the piles if the building happens to be designed on piles. The deforma- 
tion introduced because of these forces should be below the elastic limiting 
behaviour of the soil or pile reactions, in order to avoid permanent deforma- 
tions after the earthquake. 
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Fig. 5. Subsidence at Central Park. 
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La Latino Americana Building (9) 


La Latino Americana building is a structure that has 43 stories and two 
basements. It is the heaviest and tallest building in Mexico City, Figs. 6 
and 7. 

Subsoil investigations were made before deciding the height of the building. 
It was necessary to learn with accuracy the mechanical properties of the sub- 
soil deposits and hydrostatic state of pressure in the mass, as well as the 
quantitative knowledge of the surface subsidence. The excavation was per- 
formed to a depth of 13 mts., inside a 16 mts) deep wood sheet piling that en- 
closed the entire lot, as shown in Fig. 7. During excavation it was necessary 
to avoid large changes in the effective stresses and damage to the internal 
structure of the volcanic clay deposits. 

The type of foundation selected for this building was a compensated pile 
foundation. The piles were used to carry, as point bearing piles, part of the 
load of the building to a layer of compacted sand with little andesitic gravel 
to a depth of 32 mts. The balance of the load of the building was taken by the 
uplift water pressure acting against the foundation slab placed at 13 mts. 
depth. The normal water table in the subsoil is at an elevation of 2.0 mts. 
below the ground surface. Therefore, the maximum reaction of water used 
against the load of the building on the foundation slab is of about 11.0 metric 
tons per square meter. 

The building is symmetrical, therefore, the center of pressure of the 
loads, dead and permanent live loads, is very close to the center of gravity 
of the foundation area. This was forced in the architectural design in order 
to obtain a minimum eccentricity between loads and foundation loaded area. 
The pile distribution was designed uniform, regardless of the position of the 
main foundation beams, as shown from Fig. 8. The purpose was to achieve 
a uniform pressure distribution in the supporting high compressible layers 
under the point of the piles. 

The next problem was to design a foundation rigid enough to force all the 
piles to work as a unit instead of having groups of piles that may create im- 
portant problems of differential settlements because of the still high com- 
pressible clay deposits under the layer supporting the point of the piles. It 
has been the practice of the author for several years to design pile founda- 
tions with uniform distribution, as shown in Fig. 8. The results obtained have 
been very satisfactory since there is no concentration of stresses because of 
groups of piles under the foundation that may create undesirable differential 
settlements in the columns. 

The foundation structure consists of a grid of very rigid beams as may be 
seen in Fig. 8, with depths of 4 mts. and width up to 1 m., and heavily rein- 
forced. This foundation may be visualized as being a large footing where the 
loads are practically concentrated at the center. Torsion of the foundation 
was taken into account by putting in the foundation structure crossed beams 
that absorb the torsion due to lack of symmetry in the load and also because 
of the earthquake reactions, Fig. 8 and 9. The earthquake was considered tu 
come from the most unfavorable direction; thus causing difference in loads 
in the columns that created torsion in the foundation structure. 

The procedure to construct the foundation was: first, to drive piles from 
a depth of 3 mts. to the required depth of 33 mts. Afterwards a wood sheet 
piling was driven around the lot and braced properly, to protect the excava- 
tion shown in Fig. 10 from the water seepage of the upper pervious deposits 
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Fig. 7. Cross Section Profile of “Latino Americana” Building. 
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and from the earth pressure. Second, four deep well pumps were installed 
and used to reduce the hydrostatic pressures within the sheet piling in order 
to avoid the heave during the excavation. The same water was injected by 
means of well points in the outside part of the sheet piling to depths of 35 mts. 
in the various sand layer stratifications encountered in the clay deposit. 

The hydraulic system used, consisting of extracting water out of the sheet 
piling and injecting the same water under pressure outside of the sheet piling, 
was a success. It answered the necessity of keeping the effective pressures 
in the subsoil as constant as possible, thus avoiding swelling of the clay de- 
posits. The injection of water under pressure outside of the sheet piling 
eliminated the settlement of the neighboring buildings because the piezomet- 
ric pressures were maintained at their initial elevation. 

Fig. 11 shows that the buildings close to this job have not suffered any 
damage because of surface subsidence during excavation and construction. 
After the hydraulic system was in operation the excavation proceeded to 
8 mts. depth, and from there on the foundation beams were constructed in 
trenches in order to avoid unnecessary removal of earth during the founda- 
tion construction, thus reducing heave forces to a minimum. 

After the foundation structure was finished it was loaded with the materi- 
als to be used later on in the construction of the building, and the deep hy- 
draulic system was suspended as soon as possible. However, the water table 
was maintained low, until enough weight was put on the superstructure to 
balance the uplift water pressures. As the weight increased because of con- 
struction, the water table was permitted to rise to obtain an equivalent up- 
ward water force on the foundation slab. 

The superstructure was designed taking in consideration the earthquake 
effects in a more precise way than it is customary, that is, selecting first 
the most probable acceleration at the base of the building; and second, con- 
sidering the superstructure as a flexible vibrating system. The dynamic re- 
sponse in each one of the 43 floors of this building was cQmputed. There- 
after, the shearing forces in each one of the floors could be evaluated and 
the aseismic design of the building completed. It was necessary to study the 
effects of the fundamental mode of vibration and the subsequent harmonics up 
to the fifth. Dr. N. M. Newmark of the University of Illinois was retained as 
adviser in this important part of the design of the building. 


Aseguradora Anahuac (10) 


The Aseguradora Anahuac building, Fig. 12, was designed with the same 
philosophy as the Latino Americana building, except that being only 23 stories 
high, it is lighter than Latino Americana, and thus the problem is to a certain 
extent reduced. Here an excavation of 8 mts. was necessary for compensa- 
tion and to obtain enough fixity of the building because of the earthquake 
forces. 

The plan of the foundation is shown in Fig. 13. It may be noted that the 
piles have also been designed with a uniform distribution as explained above. 
A wood sheet piling was also used to a depth of 14 mts. and braced from one 
side to the other of the lot by means of a steel frame. 

The foundation structure was designed rigid covering the total area oc- 
cupied by the piles, thus obtaining heavily reinforced beams as shown in 
Figs. 13 and 14 in the cross section profile. 

The excavation was performed first to a depth of 4 mts. The foundation 
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Fig. 12. Picture of “Aseguradora Anahuac” Building. 
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beams were constructed in trenches reaching the bottom of the foundation. 
Later on, the foundation was completed excavating in steps the panels between 
beams and pouring the reinforced concrete foundation slab. In this project 
the hydraulic system was not the same as used in Latino Americana building. 
Here an absorption ditch was used surrounding the lot and in the outside of 
the sheet piling, thus avoiding only the reduction of the water table and di- 
minishing the settlement of the ground surface. 

The superstructure is very slender and was designed against earthquake 
forces. The shearing forces obtained from the aseismic design are shown 
in Fig. 15 for the fundamental period of vibration and the subsequent first, 
second and third harmonics. 

Finally, there is another problem to be considered in connection with the 
general behaviour of heavy and tall buildings. The clay deposits are not per- 
fectly isotropic, therefore one should expect that in the area covered by the 
foundation one spot may be more compressible than another. When this hap- 
pens the building may tilt from its vertical position. In some instances the 
non-homogenity of the subsoil may be of importance, and some times it may 
be negligible. However, in order to provide a factor of safety for this effect 
it is necessary to make a deep excavation that may fix the building in the 
ground against the above mentioned phenomenon. Therefore, the foundation 
may be compensated to a certain extent to the non-homogenity of the subsoil 
reactions using a deep excavation. After a period of six years La Latino 
Americana building working practically with its total load has tilted only one 
centimeter from its vertical position, as compared with the height of the 
building of 14000 cms. This deformation is of the same order of magnitude 
as the free deformation in the steel columns, therefore negligible for the 
foundation behaviour. Aseguradora Anahuac building was designed under the 
same philosophy and so far it has remained perfectly vertical. 

In addition, in Latino Americana building and in Aseguaradora Anahuac 
building and other tall buildings that the author has had the privilege to de- 
sign, he has retained at the edges of the building piezometric tubes in which 
water under pressure may be injected and a variable water pressure distri- 
bution forced into the base of the building, thus providing the means to force 
the building back to its vertical position. Fortunately, no measures have 
been necessary in this direction in the buildings with these installations. 
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EFFECTS OF NUCLEAR REACTOR RADIATIONS ON 
STRUCTURAL MATERIALS 
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(Proc. Paper 918) 


SYNOPSIS 


The different types of the nuclear radiations to which materials used in the 
construction of nuclear reactors are exposed is discussed. Conditions im- 
posed by functional requirements are considered. The effects of nuclear radi- 
ations on the mechanical and physical properties of structural materials are 
discussed, experimental results are given, and basic effects considered. 


The conversion of mass into energy as theoretically predicted by Einstein 
in 1905 and its realization in nuclear fission in 1939 whereby unconventionally 
large quantities of energy may be released from extremely small masses of 
fissionable material has opened a new epoch in energy sources available to 
man. That it affects the entire engineering profession is recognized by mak- 
ing this joint meeting a Nuclear Engineering and Science Congress. 

The diversified applications of nuclear energy; the handling of highly radi- 
oactive materials; the protection of people from the biological hazards of 
these radiations; the return-to-nature of radioactive wastes produced by the 
fission process and by the chemical separation of unfissioned U235 from the 
fission products; the effects produced in materials by the intense streams of 
high energy neutron, beta and gamma radiations resulting from fission give 
rise to problems which affect indeed all the engineering professions either 
directly or indirectly. 

The solution of these basic technical problems so that man may safely con- 
trol and thereby safely live with this new energy source, and may harness it 
in ways beneficial to mankind, depends upon all the engineering professions 
learning as much as possible about the way their professional areas are af- 
fected, and then working together toward this goal. The required cooperation 
is even broader. The design, construction and operation of these nuclear 
energy sources requires a joint effort in which biologists, chemists, mathe- 
maticians, and physicists work with the engineers. 


Note: Discussion open until August 1, 1956. Paper 918 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, 
Vol. 82, No, ST 2, March, 1956. 
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A nuclear reactor is essentially a device or a container in which the 
nuclear fission chain reaction is initiated, maintained, and controlled, so that 
the accompanying energy is released at a specified rate. This energy be- 
comes available as heat; at the present time there is no other method known 
for utilizing the major portion of the energy of fission. Thus a nuclear reac- 
tor may be thought of as a furnace. The reactor is a substitute for the fire- 
box of the boiler. Since the release of energy by fission differs from com- 
bustion in that it does not involve a chemical reaction between molecules 
there are no gases of combustion, no oxygen is required, the conventional 
stack is omitted, and only the boiler remains. 

I suppose every engineer knows that the complete fission of 1 lb. uranium 
liberates about 3.6 x 1010 BTU of heat, an amount equivalent to the combus- 
tion of 1400 tons of 13,000 BTU/ton coal or about 250,000 gallons fuel oil. 

The release of this energy by the fission process is quite simple provided 
freely moving neutrons and fissionable atoms are available. The neutrons 
may be visualized as being free to rove about in matter containing fissionable 
atoms somewhat as molecules in a gas may be visualized doing. A neutron 
penetrates the nucleus of a fissionable atom; and being electrically neutral it 
can easily pass by the electrons outside the nucleus and the positive charges 
in the nucleus. The nucleus of the atom is excited and breaks up into two 
parts of more or less equal mass, called fission fragments. These fragments 
are isotopes of elements of iower atomic mass than the fissioning atom. 
Nearly all the fission fragments are radioactive, they emit large amounts of 
beta and gamma radiations, have a wide variety of half-lives; i.e., the time 
required for half of a given number of radioactive atoms to decay forming 
ultimately stable isotopes. Each act of fission is accompanied by the release 
of two or three neutrons, on the average, and if one of these is captured by 
another fissionable nucleus, a fission chain reaction with a continuous pro- 
duction of energy becomes possible. The large amount of energy accompany- 
ing fission originates from the loss in mass of the atoms participating in this 
process. 

In nuclear processes it is common practice to express energy in electron- 
volts (ev) instead of calories, BTU or ergs. One electron volt of energy is 
equal to 3.82 x 10-29 calories of 1.60 x 10-12 ergs. The mean translational 
kinetic energy of a molecule, or thermal neutron for that matter, at room 
temperature is 1.025 ev; at 11,700°C it is 1.0 ev. To ionize a hydrogen atom 
requires 13.5 ev. The heat of combustion of liquid fuels is about 10,000 
cal/gm, this is between 5 and 6 ev per molecule. In a nuclear fission process 
a thermal neutron moving about with an energy of about 0.025 ev releases 
200 million electron volts of energy (200 Mev.). 

The total energy available as heat in a reactor is about 200 Mev per fis- 
sion. Of this amount about 190 Mev is released instantaneously as kinetic 
energy of fission fragments and fission neutrons, and as gamma radiations; 
the remainder is delayed and emitted as beta and gamma radiations. The 
major portion of the energy released per fission, about 168 Mev, is released 
at the place of fission as kinetic energy of the fission fragments. The newly 
formed atoms, the fission fragments, collide with neighboring atoms and 
travel only a short path, about 10-3 cm, while losing their energy. Neutrons 
and gamma radiations are not easily stopped by matter and travel long dis- 
tances, before the neutrons are absorbed by nuclei of atoms, and before the 
gamma radiations have their energy converted into heat. 

Since some of the two or three neutrons released by each fission will 
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escape from the fuel core without capture and some will be captured by non- 
fissioning atoms, the number of neutrons available to continue the chain re- 
action cannot continue, hence careful consideration must be given to neutron 
economy in reactor design. Materials must be selected with properties which 
minimize this loss. 

Table I shows what happens to a generation of neutrons in one type of 
thermal reactor. 


Table I 
Neutron Balance (For One Type of Resator Using Natura) Uranium as Fuel) 
100 fast (fission) neutrons 
——> 5 leak out during slowing down 
——> 10 are lost by resonance absorption by U235 during slowing down 
——> 85 slow neutrons are produced 
ae 5 leak out of reactor as slow neutrons 

80 slow neutrons available for absorption 
——> 35 are absorbed by U236, moderator, poisons, etc. 
-——> 7 are lost by nonfission capture by U235 


| 40 absorbed by U235 to cause fission and form 


100 fast (fission neutrons) result 


The probability, that a neutron encounter with a nucleus of an atom will 
result in the absorption of the neutron, varies widely with different elements, 
even with different isotopes of the same element. This probability gives rise 
to the concept of different “target areas” for these nuclear encounters; a high 
probability would be related to a large “target area” whence originated the 
term nuclear cross section and the descriptive unit for it—the barn, a pro- 
jected area of 10-24cem2, This target area concept must not be taken too 
literally; the probability one is more real. These cross sections are further 
divided into the type of nuclear reaction; absorption, capture, scattering, fis- 
sion, etc. The reactor physicist or reactor engineer selects materials which 
have small neutron absorption cross sections to keep from wasting neutrons, 
except in the case of control materials where he wants a large absorption, 
particularly when the reactor must be “scrammed,” i.e., the chain reaction 
must be stopped very rapidly. In fissionable material a large fission cross 
section is desired and a low non-fission capture one. In the case of U235 
about 1 out of 7 neutron captures do not produce fission, but produce the iso- 
tope U236, a non-fissionable atom instead. 

The need for neutron economy imposes the requirement of high purity for 
structural materials used in the core region since many of the commonly 
tolerable impurities are good neutron absorbers. The materials must be free 
of such elements as boron, lithium, cadmium, and cobalt. The metal zirconi- 
um has many qualities which make it valuable in reactor construction; 
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however, in nature the element hafnium is associated with zirconium. Since 
hafnium is a great neutron absorber, it must be removed and the zirconium 
prepared to a high degree of purity. This operation contributes considerably 
to the cost of reactor grade zirconium. 


Table 0 


Thermal Neutron Cross Sections for Common Reactor Materials 


Material 


347 s.s. 
Inconel X 
Be 


BeO 
Graphite 


Use 


Fuel 
Fuel 
Fuel 
Source 
Source 


Clad, 
structural 
Clad, 
structural 
Clad, 
structural 
Clad, 
structural 
Moderator 
Moderator 
Moderator 


Coolant 
moderator 
Moderator 
coolant 
Coolant 


Control 
Control 
Control 


Fission Nonfission Capture 


533 barns 
580 
750 


0.009 
0.009 
0.0045 


0.66 


0.00092 
0.50 


750 
2400 
120 


Let us now consider what further requirements are imposed on materials 


used in reactor construction, particularly from a functional standpoint. The 
fissionable material U235, Pu239, U233 or natural uranium is contained in 
fuel elements, either as the pure metal or as an alloy, in heterogeneous re- 
actors. 

The fissionable material is clad with a thin sheet of Al or Zr, either pure 
or alloyed, or with stainless steel. This protects the fissionable material 
from corrosion by the coolant and prevents the escape of radioactive fission 
fragments into the coolant. The fertile materials U238 and Th232 which are 
used to make new fissionable material, Pu239 and U233, respectively, by neu- 
tron capture, are likewise clad with the same metal as the fissionable mate- - 
rial. 

When the fissionable material is in the coolant, as a chemical compound 
or a physical mixture, provision must be made to prevent corrosion of the 


— ’ 
U-233 52 barns 
U-235 107 
Pu-239 315 
Th 0 7.0 
Nat. U - 4.18 3.5 
Al 
0.21 
Zr 
2.9 
4 - 4.1 
- 
- 
- 
B 
Cd - 
Hf 
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container. In such a reactor, known as a homogeneous reactor, the coolant, 
container, pipes, and pumps used to circulate the coolant and fuel become con- 
taminated with the radioactive fission fragments. The coolant media are 
aqueous solutions, fused salts, and liquid metals. 

Uranium fuel elements undergo dimensional changes which appear as 
blisters, warping and changes in cross section and length. These distortions 
are associated with large grain size, crystal orientation and the total reactor 
exposure. Extensive research has provided some means for controlling the 
distortions; their complete control is a necessity for power reactors where 
long exposures are planned and failure-free fuel elements are a requirement 
for economic purposes. 

For good thermodynamic efficiency, steam should be produced at high 
temperatures, e.g., in modern boilers temperatures of 1050°F (565°C) are 
attained. Thus, in order to duplicate the efficiency attained by a non-nuclear 
fueled plant, the fuel elements, as well as other rez<to components, must be 
able to operate at these higher temperatures. 

The coolant must be a material that is a low neutron absorber, can trans- 
fer large quantities of heat, and is stable. Materials such as air, COo, and 
He are satisfactory gases for cooling purposes. Light and heavy water, Na, 
NaK, Pb-Bi mixtures are either used extensively or proposed as suitable 
coolants. 

Reactors may be classified by the average energy of the neutrons produc- 
ing the majority of the fissions. This results in three reactor types: thermal 
reactors, where low energy neutrons (less than 1 ev) are required for fission; 
intermediate reactors where the neutron energy falls within the range (1 - 
100,000 ev); and fast, where neutron energies above 100,000 ev are used. For 
the former the high energy (fast) neutrons resulting from fission must be 
slowed down (moderated) to the desired energy range. This is accomplished 
by repeated collisions with the nuclei of light weight elements. A good moder- 
ator is a material which reduces the speed of the fast neutrons in a small num- 
ber of collisions and absorbs few of them during this process. Acceptable 
moderators are light and heavy water, graphite, Be, BeO. Li and B, while 
light weight elements are unacceptable because of their high neutron absorp- 
tion properties. 

In an atomic weapon the most rapid release possible of the nuclear energy 
from a given mass of material is desired; the contrary is desired for re- 
search, production, and power reactors. Here one wants control of the rate 
of fissioning, for a uniform release of energy over a long period of time is 
desired. Control for thermal and intermediate energy reactors is obtained 
by an appropriate distribution among the fuel elements of strong neutron ab- 
sorbers such as B, Cd, and Hf, usually in the form of rods which may be in- 
serted or removed by some external mechanism. The control of fast reactors 
is accomplished mainly by the use of reflectors, since the absorption cross 
sections for fast neutrons are quite low; hence, absorption rods are not very 
effective. 

The functional units of the reactor discussed thus far relate primarily to 
the core region, the place where the fissioning occurs, and from which the 
heat must be removed, and in which the control is provided. The core is con- 
tained within a vessel, the size, shape and strength being largely dependent 
on the use to be made of it. The more commonly used materials are Al, Zr, 
either pure or alloyed, and stainless steel. 

This vessel containing the core is a hotbox in more ways than as a source 
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of heat. It contains an intense source of neutron and gamma radiations which 
because of their physical properties are not readily containable. The core of 
an engineering test reactor now being designed will act as a 109 curie source 
of high energy gamma radiations; by comparison a gamma deep therapy unit 
of 2500 curies is considered a high intensity unit. Neutron fluxes in excess 
of 1015/n/cm2/sec are provided. In such a test reactor a year’s irradiation 
will provide a total exposure of 1023nvt; i.e., a square centimeter of material 
will have 1023 neutrons pass through it in one year’s exposure. Power reac- 
tors now under consideration will accumulate total exposures on the order of 
1022nvt per year. 

Extensive shielding must be provided to absorb these radiations. In order 
to absorb the escaping neutrons hydrogeneous materials are used to slow 
down the neutrons to thermal energy regions where they may be readily cap- 
tured by such materials as boron. The boron is generally in the form 
of boron carbide or boral, a mixture of boron carbide and aluminum. Gamma 
rays require high density materials such as boron, concrete or concrete with 
a high specific gravity aggregate such as barytes or limonite. 

In most non-nuclear engineering applications, structural parts or equip- 
ment which fail during operation can usually be replaced without too much 
difficulty. In nuclear applications, because of the bombardment of these ma- 
terials with neutrons they inevitably become radioactive. This adds another 
factor to the maintenance problems. Maintenance and replacements of struc- 
tural materials or equipment then involve radiation hazards to the personnel; 
in many cases requiring remote operations, or the use of heavy shields to 
provide protection. The use of materials of construction having low neutron 
capture cross sections and, for those which become radioactive, short half- 
lives assist in reducing the extensiveness of this problem. 

The materials used in nuclear power reactors will thus have to meet the 
conditions normally met in conventional power plants. They must be able to 
withstand great stress deformations, withstand high temperatures, resist cor- 
rosion and, in addition, be poor neutron absorbers. In addition to possessing 
the above characteristics, these structural materials must live in an environ- 
ment of high energy neutron and gamma radiations. Some of the materials 
will also be exposed to intense beta radiations and high energy fission frag- 
ments. 

These radiations can cause changes in the internal structure of solids with 
the result that their physical, chemical, or mechanical properties may be af- 
fected. Corrosion may be initiated, and in some cases greatly accelerated. 
By capturing neutrons elements may be transmuted into new elements. The 
name “radiation damage” has been applied to these effects. While damage 
does occur in many cases there are also instances where the effects are 
beneficial. The radiation damage is measured by the amount of the change in 
the physical, chemical, or mechanical property produced by the radiation. It 
is a function of the nature and configuration of the material, the particular 
physical, chemical, or mechanical property being measured, the temperature 
history of the material, the type of radiation involved and the total dosage of 
the radiation received. 

The radiation effects produced by these reactor radiations may be grouped 
into three distinct categories, (a) capture processes, (b) ionization effects, 
and (c) atomic collisions. 

Generally the physical property changes resulting from transmutations of 
elements following the capture of neutrons are relatively unimportant. A new 
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element may be formed which may eventually play the role of an impurity 
atom. When neutron capture results in fission, as in fuel elements, large 
numbers of impurity atoms accumulate in the form of fission fragments, each 
fission producing two atoms. To the extent that impurities do not affect the 
physical or mechanical properties of materials the radiation effects resulting 
from this cause may be disregarded. In fuel elements this is not the case, 
and radiation damage is a serious problem. 

In the case of semi-conductors, however, trace impurities produce large 
property changes. When semi-conductors are exposed to fast neutrons and 
fast charged particles, electron traps are produced, with a resultant change 
in the electrical properties. In the fast particle bombardment of n-type 
germanium, acceptors which trap conduction electrons and lower the electri- 
cal conductivity, are produced initially until the material is actually converted 
to the p-type. Further bombardment of the converted p-type germanium then 
results in the production of positive holes and an increase in the conductivity. 
Fig. 1 shows this effect. Such defects as shown in this curve resulting from 
fast particle bombardment can be removed by annealing. Irradiation of semi- 
conductors by slow neutrons induce nuclear transmutations and hence leave 
impurity atoms in the material. Such changes cannot be removed by anneal- 
ing. 

High energy radiations consisting of fast charged particles, or of fast neu- 
trons generated in a nuclear reactor possess sufficient momentum to cause 
atomic displacements upon colliding with atoms in the material through which 
they are passing. A large fraction of the energy of these high energy particles 
is dissipated in ionization as the particles are slowed down. Ionization is also 
produced by the passage through matter of gamma rays, electrons, and recoil 
atoms resulting from atomic collisions or fission fragments. In good conduc- 
tors the ionization effects will disappear very quickly and will only contribute 
to the heating of the material. In an insulator the electrons liberated by ioni- 
zation may be trapped at various lattice imperfections resulting in more or 
less permanent changes in the substance. In alkali halides, for example, 
coloration and significant changes in the mechanical properties are produced. 

Ionization has a very significant effect on the properties of organic solids 
as a result of the disruption of chemical bonds. Gas evolution is observed in 
the case of the less stable plastics and elastomers. Fig. 2 shows the effect 
of reactor exposures on the tensile strength, the impact strength, and the 
elastic modulus of polyethylene. The electrical resistivity of polyethylene and 
Teflon remains relatively high after irradiation; and, as in the case of most 
plastics, failure as an insulating material in a radiation field is to be expected 
from mechanical deterioration rather than from changes in the electrical 
properties. 

A useful effect of the ionizing radiation is the cross-linking of molecules 
in plastics such as polyethylene. The effect of the cross-linking on polyethy- 
lene is to change its properties so that the material is elastomeric above 
115°C whereas unirradiated material softens at 80°C and liquifies at 115°C. 

Most of the radiation induced effects observed in inorganic solids result 
from atomic collisions which produce isolated vacancies and interstitials and, 
if one accepts the displacement-spike model, dislocation loops. 

If the energy e required to displace an atom from its normal site in the 
lattice is known, then the minimum energy E which an incident particle must 
have to displace the atom is 
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in which My and Mp are the masses of the incident particle and the target 
atom, respectively. The displacement energy for a copper atom is found to 
be 25 ev, for face centered cubic iron it is 27 ev. The minimum neutron 
energy to displace an iron atom is computed to be 390 ev. Since the displace- 
ment of iron atoms thus requires fast or intermediate energy neutrons, one 
would not expect damage of this kind from thermal neutrons. 

Fig. 3 is a model to illustrate the “displacement-spike” concept of what 
takes place when a high energy particle slows down by atomic collisions in 
solids. It shows in the region to the left of point “A” interstitial atoms and 
vacant lattice sites resulting from the collisions. These persist in their new. 
sites for the thermal spike produced insufficient atomic disturbances for the 
disordering process to take place or for annealing to occur. In the region to 
the right of point “A” all the atoms are sufficiently disturbed to permit both 
disordering and annealing to occur. The interstitials and the vacancies from 
the displacement collisions can thus not persist in the region to the right of 
point “A,” denoted as a “displacement spike”; but dislocations, which can be 
visualized as being made up of lines defining the boundaries of the regions 
which have slipped, can be produced. Small crystals having a different orien- 
tation from that of the parent lattice may also be a possibility. 

The defects produced by the radiations are responsible for the observed 
physical property changes. The imperfections serve as scattering centers 
for electrons and phonons, the waves associated with the conduction of heat 
in lattice-type conductors; and the electrical and thermal conductivities may 
therefore both be changed by irradiation. The mechanical properties of crys- 
talline solids, particularly those depending upon plastic behavior, are strongly 
influenced by the presence of dislocations, and are also affected, at least to 
some extent, by point defects. 

The question of whether or not the properties of a crystalline solid are 
permanently affected by irradiation depends upon the temperature of the ir- 
radiation, upon subsequent annealing, as well as on the flux to which the solid 
is subjected. If a metal is heated above its recrystallization temperature, no 
permanent effects will remain. The temperature at which a given type of de- 
fect anneals varies, of course, from one material to another. In the case of 
copper the experimental evidence is consistent with the interpretation that 
interstitial atoms move in the range from -~ - 50°C to 0°C. vacancies in the 
range from -~/ 100°C to 150°C, and dislocations above ~ 150°C. Most of the 
interstitials are believed to anneal by annihilating vacancies, but a few are 
believed to anneal by moving to boundaries. 

Fig. 4 shows that annealing can be produced by irradiation when sufficient 
energy is available. In this case thorium was bombarded with 9-Mev protons. 
These protons do not possess sufficient energy to produce fission. The bom- 
bardment was continued until the electrical resistivity change had saturated 
and then 18 Mev. deuterons which do produce fission were used to continue 
the bombardment. The fission fragments, which have a much higher energy 
than the atoms removed from the lattice by either the protons or the 
deuterons, produce a decrease in the saturation value of the electrical re- 
sistivity, just as would occur in the case of annealing by raising the tempera- 
ture of the thorium. 
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The effects of exposure to neutrons on the thermal conductivity of a lattice- 
type conductor is given for crystalline quartz in Fig. 5. Similar data for un- 
irradiated quartz glass are given for comparison. The effect of annealing at 
successively higher temperatures is shown in Fig. 6. The thermal conduc- 
tivity of graphite is also affected by irradiation, as shown in Fig. 7. The re- 
sults for quartz and graphite illustrate the effect which the scattering of 
phonons by lattice imperfections has on the thermal conductivity of lattice- 
type conductors. 

Beryllium is an example of a metal in which few defects exist after ex- 
posure at room temperature. An analysis using the displacement-spike model 
predicts that the displacement-spike production in solids with low atomic 
numbers, such as beryllium, is negligible; and therefore, the only defects 
which must be considered are vacancies and interstitials. Experiments on 
the resistivity of beryllium annealed at various temperatures after bombard- 
ment with cyclotron particles at a temperature ~~ -150°C indicate that many 
of the vacancies and the interstitials are removed by annealing below room 
temperature. 

No significant changes in the length, the density, the hardness, the elec- 
trical resistivity or the thermal conductivity of beryllium are found as the 
result of an exposure at 30°C to an integrated fast (greater than 0.5 Mev) 
flux of 5 x 1018 n/cm2; however, in another much longer exposure at 30°C to 
high energy (greater than 1 Mev) neutrons, 3 x 1020 n/cm2, a 27% increase 
in the hardness was observed. 

Zirconium, by contrast with beryllium, is a metal in which many of the 
defects produced by irradiation are apparently not removed by annealing at 
room temperature. Fig. 8 shows the effect of bombardment with 36-Mev 
alpha particles on the hardness of zirconium as measured at room tempera- 
ture. The figure also gives the effect of annealing at various successively 
higher temperatures for one hour. Fig. 9 gives low-temperature resistivity 
measurements for zirconium and shows that appreciable annealing of some of 
the defects occurs below room temperature. Exposure of zirconium to fast 
neutrons in a reactor is expected to produce more displacement-spikes as a 
result of the higher energies of the recoil atoms. 

The changes produced by the radiations are similar to those produced by 
cold work; but detailed annealing studies on copper have demonstrated the 
existence of significant differences. In the case of zirconium higher annealing 
temperatures are required for complete recovery of cold-worked zirconium 
samples than for reactor irradiated samples. The percentage change in the 
properties of metals as a result of irradiation is appreciably smaller for 
cold-worked samples than for annealed samples. Table III illustrates this for 
samples of aluminum. Saturation of the radiation-induced changes, a result 
which is typical, is apparent in the data. 

In addition to their dependence on cold work the changes in the physical 
properties as a result of a given reactor exposure vary with a number of fac- 
tors, among which are the atomic number, the melting point, and the crystal- 
lographic structure of the sample being exposed. The atomic number influ- 
ences the changes because of its effect on the number and the types of the 
defects produced. The melting point is related to the ease with which the 
defects migrate and hence influences the amount of recovery occurring at a 
given temperature of exposure. Insofar as the effect of crystallographic 
structure is concerned, larger changes are found in the tensile properties of 
body-centered-cubic metals than in the corresponding properties of face- 
centered-cubic and hexagonal-close-packed metals. 
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TABLE III 


THE EFFECT OF PAST NEUTRONS (TEMPERATURE OF EXPOSURE 30°C) ON THE TENSILE 
PROPERTIES OF HIGH-PURITY ALUMINUM IN VARIOUS CONDITIONS OF COLD WORK 


neutrons Initial ro r 
pe. ha sample Offset Ultimate Per cent 


energies 0.5 Mev condition yield strength strength elongation 


7.5 x 10°? Annealed # 100 £6 -67 
half-hard 10 6 
extra-hard Very mall 


Annealed # 100 #70 
half-hard 10 6 
extra-hard Very small 


Fig. 10 illustrates the significant changes often observed in the stress 
strain curves of metals. 

In the case of those metals which exhibit a brittle behavior below a certain 
temperature and a ductile behavior above the same temperature, the effect of 
irradiation is to increase the brittle-ductile transition temperature. In addi- 
tion it is often found that irradiation decreases the energy required to fracture 
the material in the ductile region. Evidence to date indicates that irradiation 
will not induce brittle behavior in metals which exhibit no such behavior in the 
unirradiated state. 

SA-70 pressure-vessel steel and molybdenum are examples of body- 
centered-cubic systems which suffer significant changes in their impact 
properties as a result of irradiation. Fig. 11 illustrates the changes produced 
in the impact properties of SA-70 steel by exposure. 

In general, exposure to reactor radiations produces in metals an increase 
in the electrical resistance, the hardness and the tensile strength, and a de- 
crease in the thermal conductivity and the ductility. After exposure to radia- 
tions metals and alloys have higher yield strengths, lower percentage elonga- 
tions and somewhat higher ductile-brittle transition temperatures. 

Acknowledgment is made to various sources, particularly Atomic Energy 
Commission contractors’ personnel, for material incorporated in this paper. 
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Proceedings of the American Society of Civil Engineers 


BEHAVIOUR OF SHOCK WAVES ENTERING MODEL BOMB SHELTERS* 


B. B. Dunne and Benedict Cassen 
(Proc. Paper 919) 


SYNOPSIS 


The use of a spark shadowgraph with effective exposure time of a fraction 
of a microsecond has enabled very sharp pictures to be obtained of the time 
sequence of shock wave advance, reflection, diffraction, and turbulent break- 
up in models placed in a 4 x 4 inch square cross section shock tube. The 
equipment has been used to gain considerable information on the penetration 
of shock waves into model shelters. Although it is expected that inertial 
forces would scale accurately in small models, it is evident from the results 
that viscous forces play an important part in kinetic energy dissipation, and 
these forces would not be expected to scale accurately. However, the pro- 
duction and behaviour of strong vortices in the models indicate that they 

'. should be considered as a full-scale factor in effects on personnel. 


INTRODUCTION 


The aim of the experiments reported here was to obtain some qualitative 
ideas of effects of shock waves entering two dimensional models of a person- 
nel bomb shelter design of a type currently being considered. 


Experimental Apparatus 


The shadowgraphs were taken in a 4 x 4 inch shock tube. The model 
(Plate 1) was bolted to the top of the tube. 

The shock divides at the knife edge (Plate 1, A), part moving on top of the 
model and part compressing to the shock which enters the entry section (B) 


Note: Discussion open until August 1, 1956. Paper 919 is part of the copyrighted 

Journal of the Structural Division of the American Society of Civil Engineers, 

Vol. 82, No. ST 2, March, 1956. 

‘ a. This paper is based on work performed under Contract No. 

AT-04-1-GEN-12 between the U. S. Atomic Energy Commission and the 

University of California at Los Angeles. 

1. Atomic Energy Project, Univ. of California, Los Angeles, Calif. 

2. Chief, Medical Physics Section, Atomic Energy Project, School of Medi- 
cine, Univ. of California, Los Angeles, Calif. 
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of the model. The shock proceeds down the entry section and reflects into 
the personnel chamber through a series of shock wave traps. Rubber gasket 
material prevents the shock from leaking across the boundaries of the model. 


Description of the Photographs 


The photographs consist of two series. It will be seen that a narrowing of 
the doorway width and shock trap length variations can cause a marked dif- 
ference in the pattern of shock build-up in the personnel chamber. 

The approximate time interval which has elapsed from the time that the 
shock is at the first shock trap (Plate 1, C) is given with each shadowgraph. 

The first series is shown in Plates 2 and 3. Plate 2(a) shows the shock 
coming down the entry section with vortices being formed at the first trap (A). 
In 2(b), the shock is diffracting into the connecting hall. In 2(c), the shock 
reflects from the back wall of the entry section (B). Vortices C and D are 
seen forming at the door edge. Very small vortices or eddies are now ob- 
served in the wake of the first shock wave trap (G). In 2(d), the shock is dif- 
fracting into the personnel chamber. The vortices at the hall doorway (E, F) 
are growing and moving downstream. In Plate 3(a) a vortex is forming at the 
personnel chamber doorway (H). In 3(b), the vortices (C, D) are breaking 
away and a new vortex pair is being formed. A shock is seen reflecting from 
the back wall of the hallway (I). In 3(c), a vortex is shown on the other side 
of the personnel chamber doorway (J) and in 3(d) this vortex breaks away and 
proceeds down the personnel chamber. 

The model was then modified as follows: the width of the doorway into the 
hall was reduced and approximately three-quarters of the area of the back 
wall of the entry section was moved back about one-half of the width of the 
entry section. The purpose of this change was to increase the time for the 
shock reflected from the back wall of the entry section to reach the doorway 
into the hall. The result of these modifications in breaking up the shock in 
the hallway is evident in comparing Plate 3(c) and Plate 5(c), which are taken 
at approximately the same intervals. 

Much more of the shock energy has been dissipated into vortices, and the 
shock strengths in the personnel chamber appear to be smaller. 


DISCUSSION 


It is evident that the shadowgraph modelling technique is a powerful tool 
for designing shelters without blast resistant doors. Many consider that the 
use of doors introduces too many complications, especially in civilian shel- 
ters. The fact that small changes in design can strongly influence the blast 
penetration pattern means that the optimum design of shelters would require 
a large program of shacowgraph model studies. The biological effects prob- 
lem of the significance of the rate of pressure rise in the personnel chamber 
is still unsolved, although it is generally thought that less biological damage 
is produced with slower rates of pressure rise. 

It is also still an unsolved problem as to whether the vortices themselves 
can produce biological effects and whether or not it is desirable to prevent 
strong vorticity from entering the personnel chamber. The relatively large 
amount of vorticity produced has hitherto not been considered. The present 
series of pictures seem to show that they could be an important fullscale 
factor. 

This series of photographs suggest that narrowing doorways and increas- 
ing shock trapping would be a trend in the right direction in shelter design. 
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Paper 920 ST 


JOURNAL 
STRUCTURAL DIVISION 
Proceedings of the American Society of Civil Engineers 


TESTS ON BOLTED CONNECTIONS IN LIGHT GAGE STEEL 


George Winter,* M. ASCE 
(Proc. Paper 920) 


SYNOPSIS 


Results are summarized of 574 tests on bolted connections in light-gage 
steel, covering considerable ranges of the pertinent variables such as bolt 
diameter, sheet thickness, mechanical properties of sheet and bolt steels, 
edge distance, etc. Four conditions are formulated for predicting failure 
loads which are in satisfactory agreement with test values. It is shown that 
if an adequate safety factor is applied to these four conditions, joint deforma- 
tions at design loads can be held to reasonably small values. 


INTRODUCTION 


The use of bolts for connecting structural members is older than iron and 
steel construction itself. However, except for smaller frames and members, 
certain field connections, and other special applications, riveting and welding 
have become the universal methods for connecting conventional, hot-rolled 
structural steel members. The recent introduction of high-strength, high- 
torqued bolts represents a special development. 

In contrast, in light-gage, cold-formed steel construction, a field which 
has very rapidly expanded during the last decade or two, (1) hot-riveting is 
not practical. Welding and to a minor degree certain special means of con- 
necting (cold-rivets, sheet metal screws, etc.) are widely used, but for a 
great variety of purposes bolted connections are the most adequate and eco- 
nomical. The design of such bolted connections in light-gage steel hitherto 
has been hampered by the lack of reliable data on the strength of such con- 
nections. 

Such somewhat scanty information as is available on the strength of bolted 
connections in conventional steel structures is not directly applicable to light- 
gage, cold-formed construction for two reasons: (1) While in the former the 
bolt (or rivet) diameter is roughly of the same magnitude as the thickness of 


Note: Discussion open until August 1, 1956. Paper 920 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
82, No. ST 2, March, 1956. 

* Prof. and Head, Dept. of Structural Eng., Cornell Univ., Ithaca, N. Y. 


920-1 


< 
| 
2 
: 
i 
: 
iy 
Use 
3 
3 
shod 
3 
3 
J 
4 
- a 


920-2 ST 2 March, 1956 


the connected elements, in the latter the thickness is usually a small fraction 
of the diameter. (2) While in conventional steel structures generally only one 
or two grades of steel are used, so that allowable connection stresses can be 
given in terms of numerical values for each of these grades, a considerably 
larger variety of steels is in, and is coming into, use in light-gage, cold- 
formed construction. It becomes necessary, therefore, to express permis- 
sible design quantities not as numerical values but in general form, in terms 
of the mechanical properties of the particular sheet or strip steel. The same 
is done for all other determinations throughout the pertinent design specifica- 
tion,(2) in order to make these provisions applicable to any steel of structural 
quality. 

The series of tests reported herein was intended to provide information 
for the development of reliable design methods for connections by means of 
“handtight” black bolts in light-gage, cold-formed construction. 


Scope of Investigation 


The following variables were considered: bolt diameter, ranging from 
1/4 in. to 1 in.; steel thickness, ranging from 20 ga. (nominally 0.035 in.) to 
8 ga. (nominally 0.1644 in.); edge distance from center of bolt, in direction 
of stress, ranging from 1.25d to 9.0d (where d = bolt diameter); variation in 
ratio d/s from 1/16 to 6/16 (where s = spacing of bolts perpendicular to di- 
rection of stress or, for single bolts, full width of test sheet); variation in 
mechanical properties of connected steel, (yield point ranging from 26,000 
to 59,500 psi., tensile strength from 41,000 to 77,000 psi.); variation in 
mechanical properties of bolts (yield point from 38,000 to 65,000 psi., tensile 
strength from 63,500 to 92,000 psi.); type of connection, i.e. single shear (SS) 
and double shear (DS). 

A total of 574 tests were made, of which 526 were on single-bolt speci- 
mens and 48 on two-bolt specimens (Fig. la and b). For purposes of clas- 
sification, steels are subdivided into normal-strength (NS) grade with yield 
values from 26,000 to 36,600 psi., and high-strength (HS) grade with yield 
values from 46,750 to 56,500 psi. The following table gives the number of 
tests for some of the main categories of variables: 


NS = normal strength steel; HS = high strength steel; SS = single-shear con- 
nections; DS = double-shear connections. 


The selection of tests shown in the table was not arbitrary, but was de- 
signed to yield a maximum of information. Thus, no tests were made with 
small (1/4 in.) bolts in thick (8 and 10 ga.) sheet because it was known in ad- 
vance that such bolts would fail in shear and because enough information on 
this type of failure had been obtained from other tests. It was considerations 
like this which determined the details of the test program. 

Table 2 gives the average measured thickness, av. lower yield point, and 
av. tensile strength of the various steels, and also the maximum percentage 
deviations of individual tensile test results from the shown averages. 

All steel of a given gage and grade came from a single heat and coil. In 
view of the large number of connection tests it was not possible to make ten- 
sion tests individually of the steel of every bolt test specimen. For this rea- 
son a representative number of tension tests was made from steel chosen at 
random from among the bolt test specimens of each gage and grade. It is 
seen from the percentage deviation that while the properties of some of the 
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Table 1 


Number of Tests 
(a) Single-bolt 
Bolt Diam., in. 1/4 


Gage Steel 


NS 
HS 
NS 
NS 
BS 
NS 
HS 
NS 
HS 
NS 
HS 


14 NS 
HS 


steels were controlled within very close limits, those of others showed con- 
siderable scatter. Since, in evaluating the results of the connection tests, 
the average of the mechanical properties were used, the scatter in the latter 
necessarily causes corresponding scatter in the evaluated connection test re- 
sults. 

All bolts were torqued “handtight” The torques corresponding to this con- 
dition were obtained by experimentation with three persons who independently 
tightened bolts of all six diameters, using wrench lengths as recommended by 
the bolt manufacturer (from 9-3/4 in. for 1/4" bolts to 20 in. for 1" bolts). 

In these experiments the reaction torques were measured with torque 
wrenches. It was found that the torques so obtained by the three workers 
were quite close to each other and on this basis the values given in Table 3 
were established for “handtight” bolts. 

Comparison showed that these torques were quite close to the “maximum 
allowable torques for steel machine bolts”(3) which represent about two- 
thirds of the twist-off torques of bolts with 55,000 psi. tensile strength. (Low- 
est tensile strength of bolts used was 63,500 psi.). Once these standard 
torques had been established, all specimens were tightened to these specified 
torques by means of torque wrenches. 

All bolt holes were punched oversize by the following amounts: 1/32" for 
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Table 2 


Average Steel Thicknesses and Mechanical Properties 
Lower Yield Tensile 


Av. Thickn. Stress Max. Dev. Strength Max. Dev. 
in. psi. 4 psi. t 
(a) Normal Strength Steels 

32,110 +3, -3 

36 ,500 *) 

32,000 +9, -14 

29,800 +15, -11 

26,000 +14, -11 

36,600 +2, 

32,000 +17, -17 


(>) High Strength Steels 
0.0455 46,750 +10, <5 
0.0783 54,440 +2, -2 
0.0989 51,950 *) 
0.1433 59,500 +5, -4 
0.1901 56,450 *) 
*) Number of tests too small to be significant 


Table 3 


Standard Torques 
Bolt Diam. in. Torque, ft. lb. 


14 
50 

110 
250 


| 
Gage 
20 
18 
oe 
16 
14 
10 
he 
8 
aed 

; 
68 ,000 +5, -3 
70,400 #1, -1 

71,850 +5, =3 

76,975 4 
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1/4" and 3/8" bolts, and 1/16" for all bolts of larger diameter. Since it was 
desired to obtain information on initial slip as well as on deformation after 
bearing had been established, the majority of tests were made on duplicate 
specimens one of which was tightened with maximum initial clearance (condi- 
tion C, Fig. 1,c) and the other with initial bearing (condition B, Fig. 1, c). 
Commercial soft washers were placed both under head and nut. 


Testing Procedure 


All tests were made on a Baldwin Southwark hydraulic testing machine of 
400,000 lb. capacity, equipped with four load ranges, of which the two lowest, 
4000 lb. and 16,000 lb., respectively, were used for most tests. For a few 
tests it was necessary to use the 80,000 lb. range. 

Connection slip was measured autographically by means of special adapter 
arms, shown on Fig. 2, one of which was attached to the upper half of the con- 
nection and the other to the lower half. Relative movement of the two arms 
activates one of the three microformers attached to the lower arm, selected 
according to the desired magnification. A dummy microformer in the record- 
er balances the circuit and thereby moves the pen in the “strain” direction. 
The motion in the “load” direction is obtained by mechanical coupling with the 
weighing mechanism of the testing machine. The slip magnification used for 
the majority of tests was 10:1 which permitted the entire deformation to fail- 
ure to be recorded. 


Types of Failure 


Four distinct types of failure were observed: 


I) Longitudinal shearing of the sheet along two practically parallel planes 
whose distance equals the bolt diameter; this type occurred for relatively 
short edge distances e. 

II) Shearing-tearing along two distinctly inclined planes with considerable 
“piling-up” of the material in front of the bolt; this type of failure occurred 
chiefly for longer edge distances e. 

Ill) Transverse tension-tearing across the sheet. 

IV) Shearing of bolt, with more or less pronounced preceding elongation of 
the hole. 


The four types of failure are shown on Fig. 3. Not all failures were of 
these clearly distinct types. A considerable number of specimens failed in a 
combined mode, such as that designated by I-III on Fig. 3. Also, while most 
transverse failure occurred reasonably symmetrically, on occasion a sheet 
would tear almost exclusively on one side. 

All four types of failures occurred in single- as well as double-shear tests. 
However, while most of the double-shear specimens stayed reasonably plane 
up to failure, many of the single-shear specimens showed considerable curl- 
ing and bending out of the original plane. It was found that the magnitude of 
the failure-loads of types I through III was little affected by this curling. 
However, in type IV, bolt failure, single shear would produce bending and 
realignment to such an extent that the bolt no longer was primarily subject to 
shear but to a definite combination of shear and tension. 

In actual construction the greater stiffness of the connected structural 
members (such as channels) as compared with the plane sheets used in these 
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tests will counteract such curling considerably so that it is believed that the 
results of the double-shear tests ar: more representative of structural con- 
ditions even in cases where the actual connection is in single shear. 

Fig. 4 shows typical load-slip graphs for the four main types of failure, 
two with initial bearing (B) and two with initial clearance (C). While the total 
slip up to ultimate load in a large number of tests was considerably smaller 
than some of those shown on that figure, it is nevertheless clear that the 
amount of slip, even with initial bearing, is so large that design provisions 
cannot be based on ultimate test loads alone but must also assure that con- 
nection slip at design load is held within reasonable limits. 


Ultimate Loads and Failure Formulas 


In the following, test results are given in graphical form, plotted in terms 
of those variables which, on the basis of elaborate studies not here repro- 
duced, were found to be most significant. Results are plotted separately for Sp 
the four kinds of failure. In case of tests which showed transitional types of at 
failure (such as I-III on Fig. 3) their results are plotted on both types of ; 
graphs (for Failure Type I and Type III, for example.) ‘od 


a) Longitudinal Shearing, Type I 

This type of failure suggests that the applied force is resisted along the 
two failure planes by two shear forces whose magnitude is likely to be related 
to the end-distance e, though not necessarily by direct proportion. Prelimi- 
nary investigation showed that better correlation was obtained with the yield 
stress Cy than with the tensile strength 0; of the specimens. Correspondingly, 
Figs. 5 and 6 show, for single and for double shear respectively, the quantity 
P;/ (yt) plotted against the end distance e, where P¢ is the experimental ul- 
timate or failure load, and t the sheet thickness. For reasons discussed in 
(b), below, only tests with ratios e/d not exceeding 3.5 are plotted on these 
figures .* 

It is seen that the test results group in a satisfactory manner around the 
straight line 


_)40e 
(1) 


By simple transformation one obtains that the nominal shear stress in the 
sheet at failure, in the two failure planes is 


T= = 0.700, (2) 


As was pointed out, Eqs. (1) and (2) are valid only when e/d does not ex- 
ceed 3.5. Within this range they permit a satisfactorily accurate prediction 
of the load which will produce this type of failure. (In an unpublished series 
of tests at the University of Michigan(4) a similar relation with a similar 


* In Figs. 5 through 11 each point represents the average of one to three tests 
“identical” except for manner of tightening, i.e. condition B or C of Fig. 1,c. 
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upper limit was found, except that a coefficient of 1.65 on the right side of 
Eq. 1 was proposed.) 


b) Oblique Shearing-Tearing, Type I 

Although Type I and Type II failures are not clearly distinct in that the 
obliquity of the failure planes and the amount of “piling-up” of material in 
front of the bolt are a matter of degree, two things were noticed for edge 
distances exceeding about e = 3.5 d: i) the appearance of the failure tended 
to change from Type I to Type II and ii) many, though not all, specimens 
tended to fail at loads significantly below those defined by Eq. 1 or 2. 

In trying to evaluate this phenomenon it was found that a reasonable and 
conservative correlation could be obtained between e/d and o),/ay, where 
0} = bearing stress at failure, P;/td. Correspondingly, Fig. 7 shows, for all 
tests which failed in Type I and in Type II failures, the ratio o)/ dy Plotted 
against the end distance ratio e/d. 

It is seen that, up to about e/d = 3.5, the bearing stress ratio increases 
with increasing e/d and is satisfactorily and somewhat conservatively repre- 
sented by the straight line 


(3) 


= 1.4 
dad 

4 
From e/d = 3.5 on the scatter increases but Eq. 3 becomes distinctly unsafe. 
For a reasonable and conservative determination in that range the horizontal 


straight line suggests itself which leads to the condition that for ratios e/d 
exceeding 3.5 the bearing stress 


= 4.96, (4) 


That the bearing stress at failure is not a constant, as commonly repre- 
sented in textbooks and specifications, but is variable and depends on end 
distance had already been found by previous investigators of conventional 
rivet connections. (5) 

Since, up to and including e/d = 3.5, the same test results are plotted on 
Figs. 5 & 6, on the one hand, and Fig. 7 on the other, and since Eqs. 1 & 2 
were derived from the former and Eq. 3 from the latter, it would appear that 
the same type of failure is now covered by two entirely different conditions, 
one relating to the longitudinal shear stress T, and the other to the conven- 
tional bearing stress 9}. Actually, these are only two different forms of ex- 
pressing the identically same situation, as is easily seen from the following 
simple transformation, which establishes the identity of Eqs. 2 and 3: 


Eq. 4 merely sets an upper limit for 0}, corresponding to e/d = 3.5, and in- 
dicates that for edge distances exceeding this value failure no longer occurs 

by simple shearing in planes parallel to the force, but originates in local over- 
stressing in the neighborhood of the bolt and continues progressively in a 
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manner more complex than the simple shearing action for shorter edge dis- 
tances. Needless to say, the transition from the one process to the other is 
by no means sharp and has been expressed in the above manner merely for 
purposes of simplicity and because the considerable scatter of the test points 
would make added accuracy fictitious. 


c) Transverse Tearing, Type III 

In conventional steel structures it is accepted procedure to permit the full 
allowable stress in tension on the net section, on the assumption that the ef- 
fect of elastic stress concentrations at rivet or bolt holes is rendered insig- 
nificant by plastic stress redistribution. Within certain limits this is well 
confirmed by experimental data. (It should be noted that plastic redistribution 
is not the only agent tending to minimize the effect of elastic stress concen- 
tration. In fact, in riveted and even more in high-torqued high-strength 
bolted connections a sizeable part of the force is transmitted directly through 
friction between connected members, particularly at design load levels, and 
thereby is not subject to the above stress concentration.) 

The results of those of the present tests which failed by tearing in the net 
section prove that complete disregard of stress concentration is not warrant- 
ed in bolted connections in light-gage, cold-formed construction. 

Comparative evaluation showed that for this type of failure results corre- 
lated better with the tensile strength o; than with the yield stress gy of the 
steel. Consequently, in Figs. 8 and 9 the ratio of the nominal stress on the 
net section at the ultimate load to the tensile strength, Op¢4/ 0; is plotted 
against d/s. It is seen that d/s has a decided influence on the failure stress 
and that within the investigated range this relation is satisfactorily represent- 
ed by 


Gx =(010 + (6) 


Even though some tests with los d/s show calculated net stresses somewhat 
in excess of 0, this is not believed to have any real significance and that, 
consequently, 9, should be regarded as an upper limit for Eq. (6). Accord- 
ing to that equation, Onpet = 7¢ at d/s = 0.30 so that, for d/s-ratios larger than 
this value, plastic redistribution was found to eliminate completely the effect 
of stress concentration, in the same manner as customarily assumed in con- 
ventional construction. 

If it be assumed that the failure load is reached when the maximum local- 
ized stress becomes equal to o¢, Eq. 6 can be written in terms of an effective 
stress concentration factor k, namely 


k= & = 


Cnet 0.10 +3.0dz% (7) 


It may be of some interest to compare this factor with the customary elastic 
values for a plate of width s with a central hole of diameter d, within the in- 2 
vestigated range. 
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a@/s 0.0625 0.10 0.20 0.30 
k, Eq. 7 3.5 2.5 1.4 1.00 
k, elastic 2.9 2.7 2.5 2.3 ne, 


It is seen that for extremely small d/s-ratios k from Eq. 7 somewhat exceeds 
the elastic value but drops very quickly below the latter with increasing d/s- 
ratio, no doubt due to plastic stress equalization. (It should be noted that the 5 
elastic case of the plate with a central hole does not really correspond to the 4 
case of a single-bolt connection since in the former the axial tension is as- 
sumed to be applied at both ends and sufficiently far removed from the hole. 
In contrast, in the single-bolt connection only one of the forces is transmitted 
to the plate at one of the two ends, while the counteracting force is applied 
directly at the hole through contact pressure between plate and bolt. It is _ 
not unreasonable, therefore, that the effective k should exceed the elastic 
value for the “plate with hole” for very small d/s-ratios where, obviously, 
the contact pressure is very high as compared to the stress on the net sec- 
tion.) 


d) Bolt Shear, Type IV 

Preliminary investigation showed that the strength of those connections 
which failed in the bolts correlated better with the tensile strength than with 
the yield stress of the bolt material. Correspondingly, Figs. 10 and 11 show, 
for the various bolt diameters, the ratio of the nominal shear stress in the 
bolt at failure, Tp», to the tensile strength of the bolt, ojp. Since failure oc- 
curred in the threaded lengths through the root areas, Tp is the failure load 
divided by the root area. 

Inspection of Figs. 10 and 11 shows that the shear/tension ratio is reason- 
ably independent of bolt diameter. It is also seen that the test values are 
grouped around 0/0; = 0.62 for the double shear tests and around T},/ 0p = 
0.72 for single shear tests. The somewhat higher value for the single shear 
tests is believed to be due to two reasons: (i) in some, though by no means 
the majority of the pertinent single shear tests realignment accompanied by 
bending and warping of the sheet resulted in an oblique position of the bolt in 
consequence of which the shear stress on a normal section is decreased, with 
a simultaneous occurrence of tension; since steel is stronger in tension than 
in shear, this makes for increased bolt resistance; (ii) although in the double- 
shear tests failure always occurred in two parrallel planes, in light gage 
steel these planes are so close to each other that some mutual weakening is 
conceivable. 

Action (i) would be absent in most actual connections since, as pointed out 
before, the rigidity which light-gage members acquire through their cross- 
sectional shape will counteract such warping as occurred with the plane test 
sheets. In view of this, and in view of the small difference between the single- 
and double-shear values it is believed that the same value may be applied to 
both types of connections. Also, in view of the fact that failures by bolt shear 
are more sudden than those in the sheet (cf. Fig. 4) it is believed that a some- 
what conservative value close to the lower bound of the test results should be 
selected as a basis for design provisions. For this reason it is suggested that 
a reasonable and conservative representation of the test results, applicable 
to single- and to double-shear, is given by 
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(8) 


= 060 


It may be noted that the above representative ratios, ranging from 0.60 to 
0.72, as well as the extremes of test values, ranging from 0.52 to 1.0, are 
well within the range reported for rivets as well as bolts by many other in- 
vestigators. (6) 


e) Reliability of Proposed Failure Formulas 

To assist in visualizing the reliability of Eqs. 2, 4, 6 and 8, in Figs. 5 
through 11 are shown not only the lines representing these failure formulas, 
but also the + 20% range around these lines. It will be observed that the pre- 
ponderant majority of the test points fall within this + 20% band. Of those 
which fall outside, almost all are located above, and hardly any below this 
scatterband. It will be recalled that the mechanical properties of some of 
the sheet steels showed considerable scattering (see Table 2). Since the 
failure formulas relate the connection strength to the steel properties, the 
scattering of the latter obviously causes scattering in the former. 

As a further check, the theoretical failure loads have been computed for 
all tests by all four of the failure equations. For each test the lowest of the 
computed values was then compared with the test value. (In most cases the 
lowest of the computed values also indicated correctly the type of failure 
which actually occurred, I, I, Il, or IV. However, when two computed values 
such as type I and III were relatively close, say within 10%, it was not infre- 
quent that computation showed the theoretical failure load to be lower for 
type I, say, while actual failure occurred by type III or by the combined type 

The average ratio of computed to observed failure load for all tests, ex- 
clusive of single-shear tests which failed by bolt shear, was found to be 0.88 
i.e. satisfactorily close to 1 (one) and somewhat on the conservative side. 
The standard deviation from this ratio of 0.88 was found to be 0.14 which is 
believed to be an index of satisfactory correlation. (The single-shear tests 
which failed in bolt shear were omitted for this determination since, as dis- 
cussed above, Eq. 8 is purposely overconservative for these tests. Their 
inclusion, therefore, would have distorted the significance of both the average 
and the standard deviation of the whole series of tests.) 


Joint Deformation and Safety Factor 


As is evident from Fig. 4, the total joint deformation at a given load con- 
sists of two components: the one due to clearance between bolt and oversize 
hole, resulting in a rigid-body slip until bearing is established, and the fur- i 
ther slip which is due to deformation, mostly plastic, of the joined elements " 
and/or the bolt. Tightening condition C (Fig. 1,c) was provided to maximize 

the clearance-slip, while tightening condition B was intended to eliminate it 

as completely as possible. The two types of slip will be discussed separate- 

ly. 


a) Clearance Slip 
The theoretical maximum amount of this slip is equal to twice the hole 
clearance, as in condition C (Fig. 1,c). In a structure it will rarely exceed 
the hole clearance itself, and in a multiple-bolt connection it will usually be 
only some fraction of the hole clearance in view of minor deviations from 
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ideal dimensions which will bring some bolts of a given connection into bear- 
ing while clearance is still maintained in others. 

By means of the standardized torques given in Table 3 it was hoped to 
achieve a measure of uniformity of slip loads. The magnitude of these slip 
loads could be read directly from the autographs, as illustrated in Fig. 4, 
graphs I-C and IV-C. It was found, however, that in spite of torque standardi- 
zation a wide and erratic spread was obtained from this slip load for other- 
wise “identical” conditions. Difference in surface conditions (slight oil films, 
etc.) and difficulty in achieving uniform torques even with torque wrenches, 
particularly for the small bolts, probably account for this scattering. Table 
4 gives representative ranges of observed slip loads for all bolt diameters, 
for single and double shear, and for three representative gages, thin, medium, 
and thick. 


Table 4 
Representative Slip Loads per Bolt, Lb. 
3/8 1/2 5/8 
ss DS sS DS ss DS 


3/4 


DS SS 


20 230 600 600 8hO 1550 1600 17001740 26002690 . . 
1300 1600 2200 2000 2300 2100 3070 3300 3980 


14 300 300 370 640 12001960 . 5100 2650 3700 5530 5680 
900 1240 1060 1260 2450 3300 . 6300 6540 5800 6570 7h60 


10 ° 720 600 1800 2hoo . 3100 4200 6900 10,200 
1200 1900 3600 3000 . P 5600 5100 8000 14,200 


For each gage, the upper line gives the observed minimum, and the lower 
line the observed maximum slip load except that a very few excessively high 
or low values have been discarded as unrepresentative “freaks.” It will be 
noticed that the range of lowest to highest value is of the order of 1:2 up to 
1:3 and more. Considering in addition that under erection conditions torque 
wrenches will not be used for “hand-tight” bolts it is obvious that, just as in 
conventional construction, clearance slip cannot be prevented from occurring 
at or below design loads in this type of connection. 

Tests are now under way with high-strength, high-torqued bolts, covering 
about the same range of bolt diameters and steel thicknesses. The results, 
which will be reported in a separate paper, show that with such connections 
“clearance slip” can be more satisfactorily controlled. 


b) Deformation Slip 

As illustrated on Fig. 4, clearance slip, even when maximized as in these 
tests, usually represents only a small fraction of the total slip up to maxi- 
mum load. Also, the amount of clearance slip can be controlled, where nec- 
essary, by the magnitude of the hole clearance. Indeed, the latter can be 
eliminated altogether by the use of screws or other special connection de- 
vices which are available for light-gage steel connections. In contrast, de- 
formation slip evidently can be controlled only by limiting the load on the 
connection. 
To arrive at a criterion for deformation slip, inquiries were made among 
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representative light gage steel fabricators. Although opinions varied, a de- 
formation slip of 1/16 in. was suggested for such connections where special 
measures for slip reduction (high-strength bolts or other special fasteners) 
were not warranted. It was then attempted to correlate the load at which the 
deformation slip had reached 1/16 in. with various parameters, such as bear- 
ing stress, ultimate load, bolt diameter, sheet thickness, individually and in 
various combinations. None of these attempts proved successful inasmuch 

as all of them resulted in almost random scattering over wide bands. It was 
not possible therefore, to develop an explicit quantitative criterion for de- 
termining that load which would result in the specified deformation slip. 


c) Safety Factor as Related to Deformation Slip 

It was apparent, then, that if deformation slip at design loads was to be 
held in reasonable limits, this could be done only by applying a safety factor 
of sufficient magnitude to the ultimate loads as defined in the preceding sec- 
tions. As an aid in the determination of the value of the safety factor re- 
quired for this purpose, an analysis was undertaken of the 253 tests in which 
clearance slip had been eliminated or minimized by means of Type B tighten- 
ing (Fig. 1,c). From the slip autographs of these tests the loads were deter- 
mined which resulted in deformation slips of 1/16 in. These loads were then 
compared with the “design” loads obtained by dividing the computed failure 
load (the lowest of the loads determined by Eqs. 2, 4, 6 and 8) by safety fac- 
tors of 2.0, 2.2 and 2.5. The results are given in Table 5, separately for the 
various types of failure. 

It is not the purpose of this paper to suggest safety factors for connection 
design. Table 5 indicates two facts: i) If the suggested formulas were used 
in design with a safety factor of magnitude customary for connections (gener- 
ally in excess of 2.0 and frequently equal to or exceeding 2.5) the probability 
of excessive deformation slips at full design loads would be negligible, and 
ii) the various types of failure show very nearly the same behavior with re- 
spect to the 1/16" slip criterion so that, from this viewpoint alone, nothing 
would be gained by applying different safety factors to the various failure 
formulas. 


Multi-Bolt Connections 


The preponderant majority of the tests were carried out on single-bolt 
connections. However, a set of 48 two-bolt connections were tested (see 
Table 1,b) with the bolts in a line perpendicular to the applied force and 
whose proportions had been carefully selected to be representative of criti- 
cal dimension combinations. As a consequence all major types of failure 
were obtained in single- as well as in double-shear, except for the fact that 
the series was designed to result in only a few bolt failures. The results, in 
all cases, fitted closely into the pattern obtained for single-bolt tests, the 
agreement between predicted and measured failure load was about the same, 
and in general no difference in performance was detected. Single bolts or 
bolts in one line perpendicular to the force are more frequent in light-gage 
than in hot-rolled steel construction in view of the high diameter-thickness 
ratio peculiar to the former. 

No tests were made with multiple bolts arranged parallel to the applied 
force. This type of connection, although it does occur, appears to be not 
quite as important in light-gage as in conventional steel construction. From 
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Number of Specimens with Deformation Slips of 
1/16 in. or larger, For Various Safety Factors 


Total No. No. with 
of Tests slip> 1/16" 


102 


Ww 


2.5 
2.2 
2.0 
2.5 
2.2 
2.0 
2.5 
2.2 
2.0 
2.5 
2.2 
2.0 
2.5 
2.2 
2.0 
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tests made on multi-bolt in-line connections at the University of Michigan(4) 
it appears that the conditions expressed by Eqs. (1) through (4) apply un- 
changed to each individual bolt of the connection provided that for interior 
bolts the shear length “e” is taken as the cle&r distance between adjacent 
bolts in line of stress. As far as the resistance of bolts to shear is con- 
cerned, as given by Eq. (8), it must be expected, of course, that it is inde- 
pendent of the bolt arrangement. On the other hand, it is conceivable that the 
effect of stress concentration on transverse tearing strength, as expressed 
in Eqs. (6) & (7) is less pronounced in multiple-bolt in-line connections in 
view of the longitudinally more gradual force distribution; also, in single- 
shear connections less sheet bending and warping is likely to occur in multi- 
bolt in-line than in single-bolt connections which may possibly improve the 
tearing strength. Hence, while available evidence indicates that the deter- 
minations expressed by Eqs. (1) to (8) are safe and satisfactorily accurate 
when applied to multi-bolt, in-line connections, additional tests could pos- 
sibly show that the formula for failure stress on the net section, Eq. 6, may 
be somewhat conservative in this case. 


CONCLUSIONS 


Results are reported of 574 tests on bolted connections in light-gage steel, 
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covering considerable ranges of the essential variables: bolt diameter, 
sheet thickness, edge distance, mechanical properties of sheets and bolts, 
etc. From these tests, and in part supported by the results of other investi- 
gators, the following conclusions are drawn: 


1) Failure by longitudinal shearing along two planes, whose distance is 
approximately equal to the bolt diameter, occurs at a nominal shearing stress 
on these planes equal to 0.7 times the yield stress of the sheet. 

2) Failure by shearing and tearing on oblique planes accompanied by con- 
siderable “piling up” of material in front of the bolt occurs at a nominal bear- 
ing stress equal to or larger than 4.8 times the yield stress of the sheet. 

3) The effect of stress concentration on the tearing strength of the net sec- 
tion cannot be neglected for relatively wide bolt spacing. The nominal failure 
stress on the net section is given by 


= (0.10 + 


4) A somewhat conservative value for the nominal shear stress at which 
shearing failure of the bolt occurs is 0.6 times the tensile strength of the 
bolts, where shear is computed on the root area. 

5) With oversize holes, slip into bearing at or below design loads cannot 
be prevented in black-bolt, handtight connections. 

6) Deformation slip at ultimate loads can be very large in many of these 
connections. If design loads are determined by applying to the ultimate loads, 
defined in (1) through (4) above, safety factors in excess of about 2.2, deforma- 
tions slips at design loads will not exceed 1/16 in. and in most cases will be 
considerably smaller. 

7) All available evidence points to the applicability of the above statements 
to single- and double-shear connections, and to single bolts as well as to 
multiple bolts arranged in a line either perpendicular or parallel to the force, 
although in this investigation no tests have been made of the last-mentioned 
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NOMENCLATURE 


. - bolt diameter 

. . longitudinal edge distance, to center of hole 
. . Stress concentration factor 

. . failure load, per bolt 


. . Spacing of bolts perpendicular to direction of force or, 
in case of single bolts, full width of test sheet. 


. Sheet thickness 
. - nominal bearing stress, at failure 
- nominal tensile stress on net section, at failure 
. tensile strength of connected sheet 
. tensile strength of bolt steel 
. lower yield stress of connected sheet 
- nominal shear stress on root area of bolt, at failure 


- nominal shear in sheet, at failure 
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Discussion of 
“FREQUENCY OF MAXIMUM WIND SPEEDS” 


by H. C. S. Thom 
(Proc. Paper 539) 


H. C. S. THOM.*—The writer is grateful for the interest shown by Dr. 
Gumbel in this paper. His many contributions to the theory of extreme value 
distributions have made this theory the useful tool it is today. 

Dr. Gumbel cites two papers, one by himself and the other by A. Court, 
which it is regretted were not available at the time of writing this paper. The 
present paper was read at the June 1953 meetings of the Society at Miami 
Beach, Mr. Court’s paper did not appear until July and Dr. Gumbel’s paper 
not until the following year. Mr. Court’s paper also treated an entirely dif- 
ferent wind variable which is not believed to be a proper design variable. 
However, nothing in these papers, which are both concerned with the Fisher- 
Tippett Type I distribution, would have changed the approach used in this pa- 
per where the Type II distribution was employed. 

The writer quite agrees that the natural lower bound of wina is not a de- 
cisive argument for the adoption of the Type II distribution. But given that 
this distribution also fitted wind distributions from over one hundred stations 
very well, the a priori established lower bound does enhance the choice of the 
Type II distribution. A sample comparison of these fits to those with the 
Type I also showed superior fits for the Type Il. Although no test of signifi- 
cance was made, since the chance of such a test detecting small differences 
is not good, the Type II seemed to do consistently better in about the same 
degree as the comparison in the figure in Dr. Gumbel’s discussion. It would 
be generally agreed, of course, that one such comparison as made in his 
figure would not furnish a basis for a choice. 

The fact that the moments do not exist for the Type II seems to be of little 
importance. The mean or first moment is an improper statistic for a design 
value and would even be hazardous in this instance, for the probability of its 
being exceeded is too large. The moments only have importance in the real 
world if they are related to the parameters of a distribution. Since they are 
not in this instance so related, they have simply no natural usefulness and 
their computation would produce no information about the distribution of ex- 
treme wind. This is unfortunate, for many attach importance to arithmetic 
mean which it does not have. It does not detract from our results since the 
quantiles are the proper design values and the mean is of no use in estimating 
the quantiles of the Type II distribution. 

The reasons for using maximum likelihood instead of moments or other 
methods for estimating parameters are broader than those involving the 
existence of the moments. This is because it is well known that for most 
distributions the moments give poorer estimates of the parameters than 


* Chief Climatologist, Advisory Committee on Weather Control, Washington, 
D. 
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maximum likelihood (m.l.). Thus if the moment estimate of a parameter has 
a larger variance than the m.l. estimate it is a poorer estimate. The ratio 
of the variance of the m.l. estimate to that variance is called the efficiency 
of the moment estimate. Clearly if the efficiency of a moment estimate is 
one, it is as good as the m.l. estimate, if it is less than one it is inferior. If 
it is inferior, it has a deficiency which could be made up by increasing the 
sample size. Hence a more efficient statistic or estimate makes better use 
of the available sample than a less efficient one or the use of a less efficient 
statistic results, in effect, in wasting or throwing away part of the sample ob- 
servations. With the small samples usually available in weather data, it is a 
serious matter to deliberately discard part of the information in the data. If 
data are scarce, it is worth putting considerable effort in the estimation pro- 
cedure to save data. In fact, it is rather common in engineering statistical 
work to waste a good deal of precious data through quick and cheap computa- 
tional procedures when the value of the data and the importance of the results 
justify almost any reasonable computational effort to make full use of the data 
for obtaining more efficient estimates. 

The fit of the Type I frequency curve presented by Dr. Gumbel is a case in 
point. It is not difficult to show that the efficiency of his (moment) estimate 
of u is about 90% which is good, but the efficiency of his estimate of a@ is only 
about 50%. This means that, for estimating u, 10% of the observations have 
been wasted while, in estimating a, about 50% were in effect discarded. The 
latter is aggravated by the fact that a being the slope of the line on probability 
paper affects the probabilities more than u which is an intercept. 

The writer is the first to admit that the m.l. method is also much more 
difficult to use in this instance. But, if the design value involves a high-cost 
structure, it does not seem justified to make a five dollar computation which 
produces a less accurate design value in place of a twenty-five dollar compu- 
tation which extracts appreciably more information on the design value. 
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Discussion of 
“ANALYSIS OF THE VIERENDEEL GIRDER BY BALANCING 
THE PANEL MOMENTS” 


by A. F. Diwan 
(Proc. Paper 560) 


A. F. DIWAN,! A.M. ASCE.—The author is much grateful to Mr. W. Bigler 
and Mr. W. Krajewski for the interest they have shown in the subject of the 
paper. Mr. Bigler’s discussion is indeed an important contribution to the 
proposed method of balancing the panel moments in the Vierendeel girder. 
The explanation of the method and the suggestions offered by Mr. Bigler are 
very valuable. It is regrettable however that Mr. Krajewski does not show the 
same interest in the proposed method, but only presents the application of 
Mr. Blaszkowiak’s method of symetry and antimetry to the solution of the 
same example. The writer is almost certain that Mr. Krajewski will, after 
using the proposed method, find that it needs less time than the method of 
Mr. Blaszkowiak which he still uses. His statement that the moment distri- 
bution is more appealing to many engineers because of its clarity is quite 
confusing. In fact the proposed method of balancing the panel moments is 
nothing but moment distribution using a special type of panel distortion. Be- 
sides, Mr. Krajewski does not show the application of the symetry and anti- 
metry procedure of Mr. Blaszkowiak to the influence line analysis or to the 
case of unequal temperature changes. 

Mr. Bigler considers the convergence of the relaxation process to be slow, 
especially in the interior panels. 

To some extent, this is true. The reason why in the external panels the 
moments converge quicker is partially due to the effect of the sloping chords 
which, as Mr. Bigler pcints out, hold a portion of the shear in direct stress. 
It is also due to the fact that the verticals get more slender towards the in- 
ternal panels. In the writer’s opinion, the convergence of the relaxation pro- 
cess when applied to the analysis of the Vierendeel girder is quite satisfac- 
tory. 

If necessary, however, we can accelerate the convergence greatly by in- 
troducing “auxiliarly unbalanced moment charges” in the panels in the first 
step. These moments are then discharged totally or gradually in the next 
cycles. In principle, this is equivalent to introducing initial extra shear allot- 
ments in the panels as suggested by Mr. Bigler. To illustrate the application 
of the auxiliary moment charges, the example of the Vierendeel shown in 
fig. (4) loaded by a single load P = 7000 lb at K is treated again and the com- 
putations are given in table (1*). The auxiliary moment charges shown in 
brackets arereferredto by Cj, Cg, and Cg in the table. Cy shows the first 
set of auxiliary moments chosen in addition to the unbalanced moments al- 
ready existing due to the given loading. It is seen that these moments 


1. Asst. Prof. of Structural Eng., Faculty of Eng., Alexandria Univ., Egypt. 
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increase towards the internal panels. After the first cycle of balancing the 
panels and distributing the joint moments it becomes necessary to release 
the panels from the auxiliary moment charges. 

This is done in Cg by adding moment changes with opposite signs. In this 
step however it is found better not to discharge the panels totally, and thus 
small residuals of auxiliary moment charges are left to the third step, Cg. 
Notice that the sum of the auxiliary moments in any panel is zero. The final 
solution is thus obtained after only three cycles of balancing the panels com- 
pared with eight cycles in the original solution. 
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Discussion of 
“THE CONSTANT SEGMENT METHOD FOR THE ANALYSIS 
OF NON-UNIFORM STRUCTURAL MEMBERS” 


by Walter E. Hanson and Wallace F. Wiley 
(Proc. Paper 649) 


WALTER E. HANSON, ! A.M. ASCE, and WALLACE F. WILEY.2—The 
published discussions of this paper have been interesting and have contributed 
to the understanding of the method and to its application. The comments have 
been constructive in nature and clearly presented. The writers appreciate 
these discussions as well as the many favorable unpublished comments from 
engineers who have recognized the time-saving features of the method in the 
analysis of indeterminate highway bridge girders having variable moments 
of inertia. 

The writers agree with Mr. Hickerson’s statement that the paper is based 
on the “Conjugate Beam” method. However, many other methods could be 
listed as bases for the paper; among these are: moment area, elastic weights, 
and angle changes. The writers prefer to group all these methods, including 
their paper, under the general classification of geometry of small angle 
changes. 

Professor Hickerson states—“The stiffness, carry-over and distribution 
factors are based on the assumption that the other end of the member is 
fixed—a condition that usually does not exist.” Apparently, he has overlooked 
equations (9) and (11) which give the stiffness factors, and equations (23) and 
(24) for fixed end moments when one end of the span is simply supported. 

Messrs. Vayda and Polivka have presented and discussed interesting and 
expeditious methods of analysis involving some graphics. The writers readi- 
ly agree that graphical procedures often expedite the solutions to many struc- 
tural problems. 

During the development of the paper the writers were primarily concerned 
with its application to the analysis of continuous highway bridges. The exam- 
ple used in the paper is easily recognized as a typical three-span beam with 
cover plates subjected to the uniform and roving concentrated live loads 
given in the specifications of the American Association of State Highway Of- 
ficials. Moreover, the method was extended to computations for dead-load 
deflections which are commonly shown on bridge plans to facilitate the con- 
struction of forms to proper elevations and dimensions to compensate for 
deflections due to dead weight. 

Since the publication of the paper, the writers have used the method in the 
analysis of several welded haunched highway-bridge girders. In these designs 
the H-S truck loading given in the AASHO Specifications has governed the 
positive moment values at the center of the spans. The concentrated wheel 


1. Cons. Engr., W. E. Hanson & Assocs., Springfield, Ill. 
2. Senior Bridge Designer, Illinois Div. of Highways, Springfield, Ill. 
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loads of this specified truck coincide with the one-tenth points of the span 
only if the length is 140 feet. The writers have concluded that for this con- 
dition of loading, it is sufficiently accurate for purposes of design to compute 
simple beam reactions at the one-tenth points and to use these reactions as 
the loads applied to the girder. In this way, Table II may be readily utilized 
in the analysis for this type of loading. 
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Discussion of 
“A STUDY OF THE BEHAVIOR OF LARGE I-SECTION CONNECTIONS” 


by J. R, Fuller, T. F. Leahey and W. H. Munse, Jr. 
(Proc. Paper 659) 


J. R. FULLER,* J.M. ASCE.—There are many factors which affect the 
strength of riveted and bolted tension connections. One of the most important 
is the configuration of fasteners at the critical net section. In flat plate ten- 
sion connections there appears to be a range of optimum values of the ratio 
of transverse fastener spacing to fastener hole diameter for maximum static 
strength. If the fasteners are too far apart, all of the material at the net sec- 
tion cannot work effectively, because generally there will be a large lag in the 
axial stresses between the holes for almost all levels of loading. When the 
holes are closer than the optimum spacing, then too much material has been 
removed from the net section to realize a high strength. 

Evidently, the static strength of an I-section tension connection is also 
affected by the disposition of the fasteners relative to the tension material. 

It would appear that a higher efficiency might be realized for an I-section 
having a greater percentage of its total cross-section area in the flanges than 
those tested in this investigation. Such a section would provide the tension 
material where it is needed to resist the load. 

The present series of tests indicated that the material at the junction of 
the web and flanges, which had the lowest coupon ultimate tensile strength, 
may have limited the overall strength of the connection. It would seem that 
a wide-flange section, which has relatively less material at the web-flange 
junction than a comparable I-section, would have a greater degree of cold 
working and a higher coupon ultimate tensile strength at these points. Such a 
section could show a higher test efficiency. 

Also, the resistance of this type of connection to fatigue failure might be 
improved by using a wide-flange section, because larger edge distances could 
be realized. Larger edge distances would mean lower stress concentrations 
at the toes of the flanges at the first row of fasteners. A further improvement 
could be realized by using high strength bolts in place of rivets. In this man- 
mer a portion of the load could be carried across the holes by friction be- 
tween the flange material and the washers. 

This writer agrees with Mr. Woodruff that the design efficiency of this 
type of connection should be limited to 75 per cent pending further investiga- 
tion with the added stipulation: “The computed shear stress on the fasteners 
is not to exceed 75 per cent of the computed tension stress on the critical net 
section.” Such action would probably reduce the incidences of fatigue failures 
in I-section hanger-type connections without causing the joints to loosen or to 
be more prone to “unbutton” under high static loads., The riveted specimen of 
the present series, Specimen S-3, failed in shear on both connections. A 
shear failure might have been avoided in a shorter connection with an equal 
number of rivets. However, a shorter connection would probably have caused 
a greater lag in axial stresses across the web at the critical net section. 


* Structures Engr., Boeing Airplane Co., Seattle, Wash. 
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Discussion of 
“CALCULATION OF PRESSURE OF CONCRETE ON FORMS” 


by R. Schjédt 
(Proc. Paper 680) 


R. SCHJODT,! M. ASCE.—Since the writer’s paper on concrete pressure 
appeared, several measurements of pore water pressure have been under- 
taken with the help of the Norwegian Geotechnical Institute. The new results 
agree with the theory, and give interesting information about the value of the 
constants. Fig. 7 shows two pressure curves, measured in the centre and 5 
in from the surface of a column 3 ft 3 in square. 

As will be seen, the effect of the vibration reached 2 ft 8 in down, at this 
depth the pressure suddenly rises to the value of the liquid pressure of the 
concrete when vibration starts. From that time onwards, the pressure de- 
creases rapidly. Fig. 8 shows the pore water pressure in two not vibrated 
columns 1 ft 8 in square. It is an interesting fact that the pore water pressure 
here very soon became negative, and stayed that way as long as the measure- 
ments were carried on. This may be one of the reasons why concrete con- 
tracts a little during binding. 

There may also be a correlation between pore water pressure and the 
structure, and therefore the ultimate strength, of concrete. Investigations of 
this are being carried on. 

Mr. J. J. Polivka restates the aim of the writer’s paper (Proceedings 
p. 831-21). Unfortunately, the writer cannot agree with the form Mr. Polivka 
gives it. The writer’s aim was not to “express theoretically the results of a 
series of tests,” in other words to find an empirical formula which agrees 
with the series. But it was to find an expression for the concrete pressure, a 
based on known physical laws and constants. Such a formula must fit all tests, a 
past and future, none of the many empirical formulae do this. 

The references listed by Mr. Polivka were mostly known to the writer 
(exceptions: the paper in the “Manna Roads Journal,” and the paper by Mr. 
Muhs, which appeared one month after the writer’s), but unfortunately they aa 
all give empirical formulae (which are also given in a great number of other . 
papers and in the papers listed in the writer’s references), and are therefore 
of little interest here. 

The pore water pressure is essential in a calculation of the concrete pres- 
sure, and as none of the empirical formulae take this into account, they can- 
not hope to fit all the different conditions found in concrete pouring. 

In the writer’s references, only the authors whose work has given some in- 
formation used in the paper are listed. Whole pages of references giving em- 
pirical formulae and test results exist; a relatively complete list is found in 
the paper by Rodin, reference 2. 


1. Jr. Technician, Norwegian Building Research Inst., Oslo-Blindern, Norway. 
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Pore water pressure in column | ft.8in. square. Not vibrated. 
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Discussion of 
“ECONOMY AND SAFETY OF DIFFERENT TYPES OF CONCRETE DAMS” 


by August E. Komendant 
(Proc. Paper 684) 


AUGUST E. KOMENDANT}-J. J. Polivka, M. ASCE states in his discus- 
sion on the writer’s paper (Proc. 831) “The paper should remind the engi- 
neers and the authorities to investigate in each individual case those impor- 
tant factors (meaning economy and safety). Additional fee and expenses may 
be involved by the study of possible alternate designs, but in most cases mil- 
lions of dollars can be saved to the public.” This statement is a very true 
fact which is not always recognized by many engineers, especially if a new 
design is involved. To stick only to an “already in practice approved design” 
is not just right, because, if this principle had been generally accepted, the 
further development of engineering science would have gotten nowhere. 

The creative mind of engineers is always looking for new ways and means 
to extend the boundaries of our knowledge. Therefore, from day to day the 
things we “know” change their form, disappear, and give way to new principles 
and achievements. The progress in science is nowadays so extensive and 
rapid that it seems to be limitless. It is an obligation to the engineers to in- 
vestigate every new idea which is sound from the theoretical point of view, 
like it is the case with the leaf spring type shell dam. 

This particular dam design is theoretically clear, widens the range of the 
application of the concrete dams and makes even possible the damming-off of 
locations where other type of dams are out of question because of the founda- 
tion difficulties or economy. The leaf spring type shell dam, therefore, has 
a wide range of application. It can be combined also with an earthfill dam 
whereby use can be made of the passive earth pressure by which combination 
the economy of the dam is largely increased. Even an earth dam of one third 
the height of the total dam requires only a fraction of the volume of a com- 
plete earthfill dam but already results in reduction of the number of shells 
and flexural stresses and also allows one to control in a great extent the 
boundary disturbances in the shells. Additionally, the earth dam improves 
the architectural appearance of a concrete dam. Further, the leaf spring 
type shell dam can be also designed as a buttressed dam for damming-off of 
relatively wide and flat valleys. In this case, however, the buttresses and 
abutments should be prestressed. 

Considering that the shells can be poured by means of slip forms very 
rapidly because of the relatively small quantities of concrete required, the 
possibility of executing the shells separately, and considerable elimination 
of the influence of chemical heat during the hydration of cement, the economy 
of the leaf spring type shell dam is obvious. Therefore, it would be not justi- 
fied if this idea would remain buried in books and papers only. Funds should 
be made available for model tests to prove the soundness of the theory and to 
obtain information about the actual behavior of this dam type under water 
pressure and dynamic effects. 


1. Cons. Engr., New York, N. Y. 
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Discussion of 
“SEQUENCE SUMMATION FACTORS” 


by Adrian Pauw 
(Proc. Paper 763) 


WASSIL WELEFF.*—For more than fifteen years, variations of sequence 
summation factors have been used in Europe. (1) 

Basically, all iteration methods, for computing moments or deformations, 
have one point in common, repeating a simple operation based on the accuracy 
desired. The sequence summation method has the advantage over the other 
methods, that it reduces all the repeated operations into one. This apparent 
advantage has to be met with extensive and sometimes complicated and tire- 
some forecalculations. 

It is not the intention of the writer to discuss all these methods, except to 
mention that some of these are used for the calculation of deformations only, 
particularly for the slopes of the deflection lines (Kloutek), others for mo- 
ments only (DaSek). 

The writer has developed a method very similar to the method discussed 
by Mr. Pauw, using almost the same principles, but has applied it to moments 
and deformations. The writer has even gone a step further by giving formu- 
lae, which provide the opportunity of figuring the moments or the deforma- 
tions at locations desired by the designer. This method will be illustrated in 
the following two examples, as shown in figures 1 and 2. The same defini- 
tions have been used as in Mr. Pauw’s article, except as shown below: 

Joints are marked with numbers 1, 2 3...........ee06. 


M,z - Moment at end 1 of beam 1,2 


Me - Fixed end moment at end 1 of beam 1,2 
- Slope of the deflection line at end 1 of beam 1,2 
- Unbalanced moment at joint 3 or joint fixed moment 


- Removed joint disturbance or the slope of the deflection line 
after restoring continuity. 


- Joint sequence summation factor including the flexural para- 
meters of all members connected to joint 3. 


/_.. - Modified joint sequence summation factor including the flexural 
parameters of all members except the one for which the flexur- 
al parameter is to be determined. 


The unbalanced or fixed end moment of joint 3 in figure 1, 
M =M +My, +, +, is distributed at the ends to the connected mem 


bers according to their stiffness. These moments are carried over to the 


* Albert Kahn, Assoc. Architects and Engrs., Detroit, Mich. 


924-19 


af 
Ware 
: 
8, 
ae 
oo 
3 
/ 
an 
ae 
oe 
| 
ag 


924-20 ST 2 March, 1956 


adjacent joints (4, 8, 2 and 12). From the distribution of the carry-over mo- 
ments at these joints and bringing back the end moments to joint 3 as follows: 


The sum of these moments 44°. a = (%z +0, has to 


be distributed again, and the same procedure repeated infinitely. The un- 


balanced moments represent an infinite geometrical series My, 

The sum of the series is M, M7, 7 &, 

ty 

7 - is defined as joint sequence summa- 


tion factor, and includes the flexural parameters of all members connected 
to the joint. 

cludes the flexural parameters of all other members except the one a, , for 


- Modified joint sequence summation factor in- 


which the flexural parameter is to be computed @,, = 3° Ss 
Instead of distributing the original moment “4° we can distribute and carry 
over the sum of all unbalanced joint moments My 4 At the adjacent 
joints, we have to multiply the carry-over moments My. Ke BG 4 With the 


modified joint sequence summation factor k, before distributing them and 
carrying over to the adjacent joints. At the right side of joint 3, e.g., we have 
the following moments: 


A. The fixed end moment of beam 3,4 14% 

B. The distributed over-relaxed joint moment My Ai 3, 

C. The return moment after carrying over the adjacent joint 4 


The sum of these moments is the end moment on the left side of beam 3,4 


&. 
Mag = Mag + (1 a? 


It can easily be seen that the moment due to the joint fixed moment 


2 M,, at the right end of beam 4,5 is My 
*248/2 
Transmission coefficients for moments are generally 


= See" Sep! --Q,G,_ lt follows that end moments at the right end of a 
member connected to the right side of the joint and also moments at the left 
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end of members connected to the left side are: 


- 
Myp = Mg Tay Or) Tay (1-% Ge) 
Moments at the left end of a member connected to the right side of the joint, 
also those at the right end of a member connected to the left side of the joint 
are: 


Xyy 


4 
‘BA 


These moments are due to only one unbalanced joint moment. To obtain the 
total end moment at one end of a member, the influence of all unbalanced 
joint moments must be transmitted to this point and added algebraically to 
the fixed end moment. 

The above formulae give exact values of the moments. It requires exten- 
sive work to compute the exact joint and modified sequence summation factors. 
For practical purposes, use in computing the flexural parameters 


Xn the modified joint summation factor X, = /. 


The moments so computed differ by less than 2% from their exact values. 

The application of the above method for computing deformations is shown 
in figure 2. By assuming hinged joints at the end of the bays, the slopes of 
the deflection lines at their ends, due to the vertical load, can easily be com- 
puted. Other joint disturbances can be considered, also. Mes 


As shown in figure 2, the removed joint disturbances 6, S* 2 Cov ” 


are computed. After carrying over 6, to the adjacent joints and bringing 
them back to joint M, the new and removed disturbance will be & 9,- % 


This procedure has to be repeated infinitely. It can again be seen that the 
removed joint disturbances form a geometrical series with a sum of 


Mr3 


NtZ4... 


The slope of the deflection line at each joint is the same for all members 


connected to it, therefore &,- 4, is the slope on joint M. The slope at a 
joint to the left or right side of the joint considered is 


The 7,.~- transmission coefficients for the slopes of deflection lines are 

The formulae given are for the distribution of only one joint disturbance. 
The total slope of the deflection line at one point is the sum of the influences 
of all joint disturbances. Here, also, we have to distinguish between the joint 
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sequence summation factor 4,,> 7- .d including the flexural parameters of 
all members connected, and the modified joint sequence summation factor 


x = w= (excluding the member for which the flexural parameter 


a is to be computed.) 


An exact and approximate solution of these is again possible. The end 
moments may be computed from the end slopes of the deflection lines as far 
as required. By this method, the influence lines for moments, shear forces, 
deflections, slopes, etc. can be very rapidly computed. 

Due to the different methods of marking the positive and negative end mo- 
ments or slopes of the deflection lines, these marks are omitted in the dis- 
cussion. 

The two methods are very similar, but have also certain differences which 
should be pointed out. m 

1. The definition of the sequence summation factor B = Tre. by the 
3 
/ 


author is different from that given by the writer K, iy ar 3 
2. The writer also distinguishes between “joint sequence summation factor” 


K= and “modified joint sequence summation factor” X = = 


3. The “modified” flexural parameter Nae= as introduced by the 


/- Xge 

author is different and not quite correct, because this flexural parameter 

should be an “actual” one and can be “modified” by using the modified 


joint sequence summation factor K =/ , as pointed out by the writer. In 


this case, the solution becomes an approximation. 

The method described by the writer gives the designer an opportunity to 
compute only one moment, e.g., the maximum negative moment over a 
support. The method described by Mr. Pauw may also be extended to this 
end. 
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Discussion of 
“PLASTIC STRENGTH OF STEEL FRAMES” 


by Lynn S. Beedle 
(Proc. Paper 764) 


ZDENEK SOBOTKA.®—The load carrying capacity of structures in 
the plastic range may be often computed with considerable simplifications 
by a method which is based on the plastic equilibrium of the external loads 
and the internal forces which are in the case of pure bending represented by 
the plastic moments of the critical cross sections. 

This method may be called the method of forces in contradiction to the 
method of virtual work. 

Take, for example, plastic mechanism of a continuous beam uniformly 
loaded with variable cross section. In any span three plastic hinges form at 
the ultimate load, namely two at supports A, B and the other one C between 
them as is shown in Fig. 1. 

The middle plastic hinge C divides the span into two parts AC and CB. 
The plastic equilibrium condition of the left part AC may be written by equat- 


ing the sum of the two plastic hinge moments M Ap and Mop to the static mo- 


ment of the external ultimate uniform load q,, with respect to A 


1 
5% x? = + Mop, (1) 


Similarly the plastic equilibrium of the other part CB is given by the 
equation 


-x)?= Mo + (2) 


After dividing the equation (2) by (1) and after taking the root, yields 


i-x = 8B, (3) 


“x 


From the relation (3) the unknown distance of the middle plastic hinge C 
from the left support may be determined 


a. Prague, Czechoslovakia. 
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(5) 


and then the value of the ultimate load qy yields from (1) 
2(M,, + M, ) (6) 
2 
x 

For another example of using the method of forces the load carrying 
capacity of a frame loaded by uniformly distributed load q and the side load 
W (Fig. 2a) will be determined. The plastic mechanism is assumed as shown 
in Fig. 2b. 

The equilibrium of the three parts Dc, CB and BD, of the plastic mechan- 
ism is given by 


u 


4 +5 = +Mo,, (7) 
1 2 

7% = Moy + Map, (8) 

4 Map Mpop, (9) 


where 4,W, and 4)W, represent the two portions of the external side load 
supported by the columns DA and 

After dividing the equations (7) and (9) by hy and ho respectively, adding 
them and dividing the sum by (8), yields 


(11) 


is the given ratio between the ultimate values of the external horizontal force 
and the uniformly distributed load. From (10) an equation may be obtained 
for determining of the unknown distance x of the hinge C from the left end of 
the frame 


(a - Ly x? - 2aix + Al” - 2w = 0, (12) 


a 
x= 
| 
a 
ny 
2 +M + 
x 1 Cc 2 
W + 2hy hy h 10 
2 
= 
l Cc + 
5 - x) P Pp 
+ where 
where 
Pee 
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Mpip * Mcp 
hy hy 


Mop + 
Its solution is 


i 
1- |: (14) 
hy 


After determining the position of the hinge C, the ultimate load q, may be 
computed from the relation (8) 


+ Mpp) 


(15) 
(l - x)’ 


q, * 


The author presents in his excellent paper some examples of plastic 
analysis which are solved by equating the virtual work of the external forces 
to that of the plastic hinge moments. . 

In the limiting state of structure so many plastic hinges form that the 
structure becomes a mechanism with one degree of freedom as mechanism 
C and D on figure 20 (page 764-25). In exceptional cases, particularly if 
there are only joint rotations and not joint displacements or if the joint dis- 
placements are small, the structure becomes only a system with the possi- 
bility of virtual displacements as system A and B on fig. 20 b. 

The structure may also become a system with more degrees of freedom, 
for example, when in the portal frame four plastic hinges develop at the cor- " 
ners and one in the girder. In this case, the frame has two degrees of free- Ex. 
dom in the limiting state. This system results from the combination of 3 
mechanisms A and C in fig. 20 and in this combined mechanism appear all 
plastic hinges present in the two elementary mechanisms, consequently one 
more (at the left corner) than in mechanism D. The plastic hinges however, 
in this case two, which give to the structure more degrees of freedom than 
one, or more than the virtual mobility, must develop simultaneously unless 
the structure loses previously its stability as mechanism with one degree of 
freedom or as a system with the possibility of virtual displacements. 

The author proposes a check of the selection of the proper mechanism and 
of the proper position of the plastic hinges considering the plastic moment 
condition (page 764-27). This check may be accomplished by computing by 
equilibrium the moment at each critical section in the frame, by constructing 
the moment diagram and by comparing the computed moments with the plastic 
moment which cannot be exceeded. 

From this an inverse method follows for computing of the ultimate load of 
structures, starting from the possible equilibrium moment diagram and from 
the ultimate equilibrium which the writer is presenting in his discussion. 

By comparing this procedure with that of the author, the plastic hinges with 
full plastic moments Mp at sections 2, 3, 4, 5 (fig. 20a on page 764-25) and the 
possible equilibrium moment diagram on the girder as shown on fig. 20d may 
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by supposed. The ultimate equilibrium of the left part 2-3 of the girder 


PL 
u 
3 = 2 M, 
gives directly 
6 M 
Pp 
u L 
Taking as the author 
1 2 M, 


we get similarly from the equilibrium of the columns the moments at the 
sections 1 and 6 


M, = 0,39 M,, M, 


= 0,61 M, 


as shown on the fig. 20d. 


4 
? 
the 
L 
2 
= 
if 
7 
a 
x 


% 


‘Se 
ASCE DISCUSSION 924-29 
g 
: yay 
Ju 
= 
ee 
a 
W 
ae 
< 
SN 

N 
2) 

= 
B 
D, 
D 
\ 
q q 
a 


i 
wi 
4 
ee 
: 


Discussion of 
“REPORT OF ASCE-ACI JOINT COMMITTEE ON ULTIMATE 
STRENGTH DESIGN” 


(Proc. Paper 809) 


IGNACIO MARTIN,! J.M. ASCE.—A Building Code should reflect the way 
structures behave and the advancement of the construction technique. It is 
encouraging to read the ASCE-ACI Joint Committee recommendation on the 
adoptation of an ultimate strength design, and it is to be expected that a limit 
design recommendation should follow the present report. 

One of the basic assumptions of the proposed Code is that the maximum 
ultimate fiber stress of concrete in compression is 0.85f¢. However, the 
1942 Russian Code, (1) which is an ultimate design Code, admits the following 
variation of the maximum ultimate fiber stress in concrete: 


Concrete Quality Maximum ultimate fiber stress 
psi in flexure in compression 


1300 1.00 f' 0.80 f" 
2000 0.91 f' 0.74 f' 
3000 0.88 f' 0.70 f 
4000 0.80 f' 0.64 


Although the values of the Russian Code for concrete strength in compres- 
sion are conservative, a 0.85 ff maximum ultimate fiber concrete stress 
seems to be recommendable whenever a careful control of concrete quality 
is exercised. 

Load factors must cover the possibilities of overloading that may lead to 
a failure. The writer had the chance of measuring a 30% increase in the 
depth of the slabs of a building, and as the load factors must cover also the 
variations in the placing of the steel reinforcement, a load factor of 1.2 for 
dead load could be insufficient for a tension failure in flexure. 

A different load factor for columns and pure flexure is recommended. 
However, for members subjected to compression and bending stresses an 
intermediate load factor based on the behavior of members seems to be more 
reasonable. 

In the design of buildings subjected to heavy wind stresses, the maximum 
load should be carefully selected, as the compression force from the dead 
and live load may help the ultimate strength of a member subjected to com- 
bined axial load and bending and failing in tension. 

The proposed formulas for wind loading could be questioned in buildings 
where wind stresses are high. If we consider the formula Ib, while the terms 
1.2B + 0.6L may be contributing to the ultimate strength of the member due 


1, Partner, Saenz-Cancio-Martin, Engrs., Havana, Cuba. 


924-31 


i ASCE ST 2 a 
‘ 
4 
an 
E = 


924-32 ST 2 March, 1956 


to the added compressive force, a 2.4 increase of the wind loads over the en- 
tire area of the building cannot be possible, especially if the wind load is 
carefully selected. A more realistic formula for load factor could be of the 


type: 
U = 1.0B +cyL 


where: 
C is a value less than one. 
Co is a value between 1.2 and 1.5. 


Minimum load factors can be recommended in the Code according to the 
reliability of the quality of materials and good engineering practice to be ex- 
pected today, but the decision with respect to the load factors to be used in a 
project should depend on the designer’s judgment of the inspection and mate- 
rials control to be expected in the job. 

The formulas for ultimate strength of beams in flexure are amazingly 
similar to the ones in the Russian Code. The similarity between both codes 
can be explained by the fact that ultimate strength in flexure was the main in- 
terest of early investigators in the field of reinforced concrete. 

Hognestad’s theory for combined axial load and bending has been notably 
simplified by the use of charts and interaction diagrams. 

The design of slender compression members in the proposed Code is quite 
liberal for slenderness ratios from 10 to 25 and it is too conservative for 
slenderness ratios of more than 25, due to the use of a straight line formula 
that limits the maximum slenderness ratio of columns to 40. 

The Canimar River Bridge in Cuba, has columns with a slenderness ratio 
as high as 36.3, and columns of slenderness ratios of more than 40 can be 
built. 

A research program of 49 columns with slenderness ratios from 25 to 40, 
carried out at the University of Havana, (2) to check a column formula pro- 
posed by Prof. Luis Séenz,(3) showed that the slenderness factor: 


F =1+ 0.0015 4 - 6)2 


in Prof. Sdenz’s formula, adds an extra factor of safety that increases with 
higher slenderness ratios, being 1.5 for a slenderness ratio of 40. 

A comparative study of the reduction of strength due to the slenderness of 
columns according to test, Russian Code, Prof. Sfenz’s formula and the 
ASCE-ACI proposed Code formula is shown in the following table: 


REDUCTION OF STRENGTH DUE TO THE SLENDERNESS OF COLUMNS. 
L/a Tests ASCE-ACI Code Russian Code Prof. Saenz 
10 0.98 1.00 1.00 0.98 
15 0.95 1.00 0.94 0.89 
20 0.90 0.80 0.73 0.77 
39 0.80 0.40 0.50 0.54 
40 0.56 0.00 woe 0.37 
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The proposed Code must be completed with recommendations regarding 
to shear, diagonal tension, torsion and footing ultimate design, but the effort 
of the ASCE-ACI Joint Committee on Ultimate Strength Design is to be wel- 
comed and the proposed Code can be considered an asset in the progress of 
reinforced concrete design in the United States. 
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ASSOCIACAO BRASILEIRA DE CIMENTO PORTLAND.!—The Report of 
the ASCE-ACI Joint Committee on Ultimate Strength begins with a Historical 
Background where there is no reference at all to one of the first reinforced 
concrete building codes that allowed the ultimate strength design. In Brazil, 
the 1937 standard of the ABCP already prescribed: 


“Since it is used a safety factor not inferior to two, structures not sub- 
jected to vibrations or impacts shall have their members submitted to 
simple bending dimensioned in function of the ultimate load, designed 
supposing that: 


a) the tensile strength of the concrete is equal to zero; 


b) strains of one element of the member are proportional to the dis- 
tance from the neutral axis; 


c) the steel has a constand modulus of elasticity; and 


1. the rupture takes place when the stresses reach, simultaneously, in the 
steel the yield point and in the concrete the 3/4 of the compressive 
strength as specified in art. 85; 


2. the distribution of stresses on the concrete is uniform. 


This same prescription was officially adopted by the Brazilian Standards 
Association (Associac%o Brasileira de Normas Técnicas) on its first rein- 
forced concrete building code approved on 1940. Since 1950 the following 
modifications were introduced: 


c) the steel has a constant modulus of elasticity until it reaches the 
yield point from where the stresses remain constant and equal to 
that yield point; 


3. in the lack of practical experiments the ultimate strain of concrete in 
compression is supposed equal to 0.15%. 


The safety factor to be adopted shall be: 


Be 


1. SHo0 Paulo, Brazil. 
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1.65 for all dead loads 

1.65 for live loads in buildings as specified on standard NB-5 

2.00 for the other live loads and moving loads on bridges (when 
necessary the impact factor shall be computed). 


The ultimate strength design is currently employed by the Brazilian 
structural engineers as was already verified by the Engineer Arthur J. Boase 
on his article “Building codes explain the slenderness of South American 
structures,” Engineering News Record, April 19, 1945, vol. p. 572-573. 

The ultimate strength design has been object of study of several Brazilian 
engineers and the first work on this subject “Os novos methodos de 
dimensionamento das pecas flectidas de concreto” by Telemaco van Langen- 
donck (engineer of the Associa¢%o Brasileira de Cimento Portland) was al- 
ready published, in 1937.* This work constituted the basic element that gave 
origin to the Brazilian code. 


HAROLD G. LORSCH,* A.M. ASCE.—The ASCE-ACI Joint Committee is 
to be congratulated upon this report which marks a milestone in the develop- 
ment of structural design in this country. It is to be hoped that the report 
will be swiftly implemented by adoption through the ACI and local building 
code authorities. The entire civil engineering profession owes a debt of 
gratitude to the members of the Committee. 

It should be stressed that the main advantage of ultimate strength design 
is not the saving in material nor the simplification of design office procedure, 
but a resulting structure with a uniform factor of safety throughout. If this 
procedure, incidentally, saves material and design time, so much the better. 


The main advantage, however, is the uniform factor of safety in the structure. 
The Committee has wisely chosen to recommend elastic analysis of in- 
determinate structures as a whole, but ultimate design of the individual cross 

sections. This apparent contradiction is well justified by the fact that no 
“plastic” yield hinges occur in a reinforced concrete structure, unless it is 
greatly underreinforced. Here “underreinforced” means underreinforced by 
ultimate design (eq. 3) rather than by elastic design. 


2r(n+r) (nf, +f) 


It may be a field for fruitful research to determine below which reinforcing 
ratio such yield hinges occur. Once that limit has been established it will 
then be possible to introduce “plastic” design to indeterminate reinforced 
concrete structures in the sense that the word is now used in steel design; 

i.e. to redistribute moments until a sufficient number of plastic yield hinges 
has been generated which will transform the structure into a mechanism. (1,2,3) 
As long as no such “plastic” redistribution of moments is carried out, the 
factor of safety K in eqs. (I) and (II) will be the minimum factor of safety any- 

where in the structure. 


* Boletim do Institute de Engenharia de SHo Paulo, June 1937, p. 125-144. 
a. Asst. Prof. of Civ. Eng., The City College, New York, N. Y. 
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LOUIS A. NORTH,! J.M. ASCE.—For reinforced concrete members sub- 
ject to pure flexure, the authors limit the moment resistance of the concrete, 
Mg, to .306 f¢bd* and state that this value is about equal to 90% of the value 
required for balanced design. (Balanced design is assumed to be that design 
where the concrete fails in compression just as the tension steel begins to 
yield). According to the theory as presented by the authors, (parabolic stress 
distribution with €-y equal .0035 and €, equal .0017), this is true for a ten- 
sion steel having a yield strength of 40,000 p.s.i.; but with the tension steel 
having a yield strength of 60,000 p.s.i. the corresponding M, value equals 
-285 fgbd¢. For columns there can be no such limiting of Me, and this value, 
again according to authors theory, would be as high as .379 fabd2 for ky 
equal 1. 

In view of the fact that ultimate strength considerations are supposed to 
provide more realistic and consistant design methods, the writer believes 
that setting a limit of .306 fébd2 for Me to be undesirable. Presumably, this 
limit was set to provide a greater safety factor against a brittle failure due 
to the concrete failing in compression without accompanying yielding of the 
tension steel. In this case the writer would rather see a variable safety fac- 
tor which would increase with increasing values of k,, made to cover the 
whole range of reinforced concrete design from pure flexure to pure com- 
pression. Then the basic theory could be consistently applied without arbi- 
trary limits. 

The writer does not mean to imply that high values of M,/fébd? should be 
used without reservations. Especially so in view of the fact that a beam de- 
signed by the present ACI Code would fail with the tension steel strain at .014 
or greater. (The tension steel strain for M. equal .306 fgbd2 would be about 
.0025). And even for those relatively low values of Mc/fibd2 allowed by the 
ACI, plastic flow at working loads is a problem. 

In the past,(1) as well as in the authors’ report, charts have been prepared 
(authors’ Fig. 4) showing that above certain steel ratios failure moments, 
presumably compression failures, are difficult and unsafe to predict by ulti- 
mate strength theories. Consequently, an arbitrary straight line has been 
drawn on these charts, as an extension of the theoretical curve, sufficiently 
conservative to satisfy the plotted test results. The writer has prepared a 
similar chart, (writer’s Fig. 2), the only difference being that the test results 
by are plotted against a horizontal scale computed for Agfs/fébd. Although the 
_* results plotted in the compression range of the writer’s Fig. 2 are somewhat 
scattered, they do show a trend and do not justify replacing the theoretical 
curve with an arbitrary limit in the compression range. 


1. Structural Engr., Allabach & Rennis, Inc., Cons. Engrs., Philadelphia, Pa. 
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Values of Acgfs/fébd for the test results plotted in the writer’s Fig. 2 were 
determined by the use of the writer’s Fig. 1. These charts are extensions of 
those originally prepared by the writer to aid in the design and analysis of 
prestressed concrete and are based on the ultimate strength theory as pre- 
sented by Hognestad(2) (the same as presented by the authors with €cy equal 
-0038 and E, equal 1,800,000 plus 391 f¢). Results plotted in the writer’s 
Fig. 2 are taken from the tests presented by the authors* and from those 
published by Billet and Appleton.(3) The tests by Billet and Appleton were 
performed on prestressed concrete beams. Almost all of the tests by Billet 
and Appleton and all of those, except source #9, listed in the authors’ Table 
#4 (“compression failures”) were plotted in the writer’s Fig. 2. Tests of the 
authors’ source #9 were not plotted because they were thought to exhibit too 
much scatter. 

In comparing the results obtained by using the writer’s Fig. 1, against 
those listed in the authors’ Table #4, the writer found that the values yielded 
were generally about midway between those of the authors’ parabolic and 
trapezoidal theories. The writer’s results also showed that some of these 
“compression” failures occurred with the tension steel strained beyond the 
yield point. It was interesting to note that out of the twenty beams of Source 
9 in the authors’ Table #4, where the concrete and steel strengths were low, 
only four beams, 1113, 1121, 1125 and 1126 were calculated by the writer as 
failing in “compression.” (The €, values at failure were beyond the yield 
point, except for those beams noted). 

Although only six of the columns listed by the authors were investigated 
by the writer, it would seem that the use of the writer’s design chart in Fig. 1 
yields slightly more conservative values, as shown by the comparisons below. 


Source Column No. Test Result Test/UlLtimate 


Authors! Writer's 


1.03 
2&6 «90 
237 

230 


Column #9 of the authors’ source # 12 was found to have a relatively large 
tension steel strain at failure (about .007), resulting in a small k, value. 
Consequently, the compression steel did not reach its yield strength. It 
would seem that some mention should be made by the authors regarding the 
location of compression steel in a member subject to bending. 


Design Chart - Fig. 1 
The use and theory of the design chart in the Writer’s Fig. 1 is largely 
explained by the writer’s Figs. 3 to 6. The vertical scale of the tension 


* The writer used somewhat higher values for f¢ in plotting the test results 
from authors’ Source #7. The concrete strengths used are for the rodded 
cylinders only as listed in Mr. Cox’s original paper. 
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steel stress-strain curve is adjusted to fit the design chart as shown in Fig. 
3. This “steel curve” is then plotted on the design chart as shown in Fig. 4. 
Generally, for medium grade steels where there is a sharply defined yield 
point, it is only necessary to plot one value of A,f,/fibd; obviously the value 
at the yield point; to draw in the steel curve. For some high tension steels, 
as typified by the steel curves in Figs. 3 and 4, two or three points of 
Asfs/fibd would have to be plotted. All concrete and steel values (i.e.; mo- 
ment, compressive force and steel strain) at failure are determined from the 
point where the steel curve intersects the concrete curve. 

Note that Fig. 5 illustrates the use of the additional scale Sd/d" and the R 
curves in designing for eccentric loads. The range of the Sd/d" scale should 
provide for all values encountered using symmetrical column reinforcing. 
Where symmetrical arrangement of steel is not desired or necessary, the 
Sd/d" and R curves are not necessary. The Sd/d" scale and the R curves 
could be extended to satisfy any specific ratios of compression to tension 
steel, but as far as the writer knows there is no practical case other than 
symmetrical reinforcement. For columns where the whole section is under 
compression the writer’s design chart cannot be used and the authors’ equa- 
tion 13 is preferred. 

As is illustrated by Fig. 6, the ultimate load design of prestressed con- 
crete is very similar to that for conventional reinforced concrete, the only 
differences being the effect of the prestressing force and the prestressing 
strain. It is interesting to note the effect that the prestressing force has in 
raising the ultimate moment capacity over that for the same steel without 
prestressing. 

Generally in design it is not necessary to plot the steel curve or use the 
€s scale, except in the design of columns when it is necessary to know where 
the steel curve crosses the concrete curve. (Frequently the tension steel is 
not stressed to its yield point). But investigating reinforced concrete mem- 
bers will require the use of the €, scale and plotting enough of the steel curve 
to know where it intersects the concrete curve. 

Notwithstanding the minor points criticized in this discussion, the writer 
wishes to congratulate the authors for a fine and valuable piece of work. 
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CARL F. LONG,! J. M. ASCE.—Tests made by J. L. Van Ornum(1) on 
heavily reinforced concrete beams produced the general curve for the fatigue 
of concrete shown in Fig. 1. This curve indicates the fatigue strength, or en- 
durance limit, of concrete to be about 52% of the ultimate static strength of 
the member. This curve was obtained by repeated applications, until failure, 
of a load whose maximum intensity was a fixed percentage of the static 


1. Instr. in Civ. Eng., Thayer School of Eng., Hanover, N. H. 
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strength of the member. A minimum load of about 10% of the static strength 
was continuously applied to insure proper positioning of the member in the 
testing device. 

The cyclic loading used by Van Ornum is shown in Fig. 2. The loading 
encountered by a member under normal conditions is of similar shape with 
the mean value of the applied load a function of the intensities of the applied 
dead and live loads. The problem is to relate the range of load under which 
a member operates to its fatigue strength. 

Available results for materials other than concrete(2) indicate the exist- Bis 
ence of many forms of superposition, from practical lack of interdependence = 
to actual linear superposition with the latter, in general, not too far from the =) 
actual result in most materials. Assuming linear superposition, the factor of 
safety with respect to fatigue is given by the relation; 


(1) 


where: F.S. = factor of safety with respect to fatigue : 
Pm = mean value of applied loads q 
P, = amplitude of cyclic portion of applied loads 
Pe = fatigue strength of member 
P, = ultimate static strength of member 


The linear form of superposition is particularly simple but its application 
has been limited to those materials whose fatigue strength is determined by 
tests in which the mean load is zero. The writer believes that this equation 
may be applied to concrete by a translation of the load axis so that the mean e 
applied load of the Van Ornum tests is zero on the revised axis. Assuming a 
the minimum load on the beam during these tests to be 10% of the ultimate a 
load and the fatigue strength to be 52% of the ultimate load, the relationship oa 
between the two axes is given by the relation: 


(P,/P,,) = 0.31 
(2) 


where, P,/P,, and P,/Py are as shown in Fig. 2. 

Equations 4 and 2 can now be used to determine the factor of safety with 
respect to fatigue when the design criteria for beams and girders subjected 
to bending only are furnished by Eqs. I and II of the Joint Committee Report. 


1.28 2.4 L (I) 
U = 1,8 (B * L) (II) 
where, U = ultimate strength of the section 


B = effect of basic load 
L = effect of live load plus impact 
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The factor of safety with respect to fatigue as a function of the ratio of live 
to dead loads (L/B) is plotted in Fig. 3. Curve A represents normal service 
conditions, the member acting under dead plus live loads; Curve B represents 
the case of a member acting under dead plus 1.25 live; Curve C, the member 
under dead plus 1.50 live. As would be expected, increasing the live load in- 
tensity while maintaining constant dead load effects increases the probability 
of failure by fatigue, assuming sufficient repetitions of the applied live load. 

To provide a minimum factor of safety of unity against failure by fatigue 
for the cases illustrated in Fig. 3, Eqs. I and II should read, for members 
subjected to bending only: 


Curve A: = 1.284 2,10 L 
= 1.65 (B+ L) 

Curve B: B+1,25 L 1.2 B+ 2,60 L 
1.9 (B + L) 

Curve C: B+1,50 L 1.2 B + 3.00 L 
2.1 (B+ L) 


It is not reasonable to assume that the degree of overload to which a mem- 
ber might be repeatedly subjected can readily be determined. The factor of 
safety is designed to provide for this possibility of overload. To provide a 
member with a sufficient margin of safety against fatigue failure, the writer 
believes, Eqs. I and II for beams and girders subjected only to bending should 
be revised as follows: For those structures in which, due to locations or pro- 
portions, the effects of wind and earthquake loading can properly be neglected; 


vu=1.2B+ 2.8L (I) 
U = 2.0 (B + L) (II) 


Since it is unlikely that either wind or earthquake forces coupled with live 
loading will possess the cyclic nature necessary for fatigue failure, the a and 
b counterparts of Eqs. I and II need no revision other than the requirement 
that the load factor K be taken equal to 2.0 for all members. It is understood 
that the member be proportioned for the most critical of either Eqs. I or II. 

The writer wishes to commend the ASCE-ACI Joint Committee for this 
effort to further the understanding of the behavior of concrete by the presenta- 
tion of a rational method of design. 
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Corrections to 
“DETERMINING BASIC WIND LOADS” 


by George F. Collins 
(Proc. Paper 825) 


CORRECTIONS.—On page 825-2 the word “more” on line 21 should be 
changed to “none.” On page 825-13 the legend for the ordinate in Fig. 5 
should read “Elevation in feet.” 
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The technical papers published in the past year are identified by number below. Technical - 
division sponsorship is indicated by an abbreviation at the end of each Paper Number, the 
symbols referring to: Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and 
Mapping (SU), and Waterways (WW) divisions. Papers sponsored by the Board of Direction are 
identified by the symbols (BD). For titles and order coupons, refer to the appropriate issue of 
“Civil Engineering.” Beginning with Volume 82 (January 1956) papers were published in Jour- 
nals of the various Technical Divisions. To locate papers in the Journals, the symbols after 
the paper numbers are followed by a numeral designating the issue of a particular Journal in 
which the paper appeared. For example, Paper 861 is identified as 861 (SM1) which indicates 
that the paper is contained in issue 1 of the Journal of the Soil Mechanics and Foundations Divi- 
sion. 


VOLUME 81 (1955) 


MARCH: 634(PQ), 635(PO), 636(PO), 637(PO), 638(PO), 639(PO), 640(PO), 641{PO)*, 642(sA), 
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ongrn, 669(HY), 670(EM), 671(EM), 672(EM), 673(EM), 674(EM), 675(EM), 676(EM), 677(EM), 
678(HY). 


MAY: 679(ST), 680(ST), 681(ST), 682(ST)°, 683(ST), 684(ST), 685(SA), 686(SA), 687(SA), 688(SA), 
689(SA)°, 690(EM), 691(EM), 692(EM), 693(EM), 694(EM), 695(EM), 696(PO), 697(PO), 698(SA), 
699(PO)°, 700(PO), 701(ST)°. 


JUNE: 702(HW), 703(HW), 704(HW)°, 705(IR), 706(IR), 707(IR), 708{IR), 709(HY)°, 710(CP), 
TLL(CP), 712(CP), 713(CP)°, 714(HY), 715(HY), 716(HY), 717(HY), 718(SM)°, 719(HY)¢, 
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741{PO), 742(PO), 743(HY), 744(HY), 745(HY), 746(HY), 747(HY), 748(HY)°, 749(SA), 750(SA), 
751(SA), 752(SA)°, 753(SM), 754(SM), 755(SM), 756(SM), 757(SM), 758(CO)®, 759(SM)°, 
760(Ww)°. 


AUGUST: 761(BD), 762(ST), 763(ST), 764(ST), 765(ST)©, 766(CP), 767(CP), 768(CP), 769(CP), 
T70(CP), 771(EM), 772(EM), 773(SA), 774(EM), 775(EM), 776(EM)°, 777(AT), 778(AT), 
T79(SA), 780(SA), 781(SA), 782(SA)°, 783(HW), 784(HW), '785(CP), 786(ST). 


SEPTEMBER: 787(PO), 788(IR), 789(HY), 790(HY), 791(HY), 792(HY), 793(HY), 794(HY)°, 
795(EM), 796(EM), 797(EM), 798(EM), 799(EM)©, 800(WW), 801(WW), 802(WW), 803(WwW), 
804(WW), 805(WW), 806(HY), 807(PO)°, 898(IR)°. 


OCTOBER: 809 (ST), 810 (HW)°, 811(ST), 812(ST)©, 813 (ST)°, 814(EM), 815(EM), 816(EM), 
817(EM), 818(EM), 819(EM)°, 820(SA), 821(SA), 822(SA)°, 823(HW), 824(HW). 


NOVEMBER: 825(ST), 826(HY), 827(ST), 828(ST), 829(ST), 830(ST), 831(ST)°, 832(CP), 
833(CP), 834(CP), 835(CP)*, 836(HY), 837(HY), 838(HY), 839(HY), 840(HY), 841(HY). 


DECEMBER: 842(SM), 843(SM)°, 844(SU), 845(SU)°, 846(SA), 847(SA), 848(SA)°, 849(ST)°, 
850(ST), 851(ST), 852(ST), 853(ST), 854(CO), 855(CO), 856(CO)*, 857(SU), 858(BD), 859(BD), 
860(BD). 


VOLUME 82 (1956) 


JANUARY: 861(SM1), 862(SM1), 863(EM1), 864(SM1), 865(SM1), 866(SM1), 867(SM1), 868(HW1) 
869(ST1), 870(EM1), 8'71(HW1), 872(HW1), 873(HW1), 874(HW1), 975(HW1), 876(EM1)°, 877 
(HW1)°, 878(ST1)°. 


FEBRUARY: 879(CP1), 880(HY1), 881(HY1)°, 882(HY1), 883(HY1), 884(IR1), 885(SA1), 886(CP1), 
887(SA1), 888(SA1), 889(SA1), 890(SA1), 891(SA1), 892(SA1), 893(CP1), 894(CP1), 895(PO1) 
896(PO1), 897(PO1), 898(PO1), 899(PO1), 900(PO1), 901(PO1), 902(AT1)©, 903(mR1)°, 904 
(Po1)*, 905(SA1)°. 


MARCH: 906(WW1), 907(WW1), 908(WW1), 909(WW1), 910(WW1), 911(Ww1), 912(Ww1), 913 
(Ww1)©, 914(ST2), 915(ST2), 916(ST2), 917(ST2), 918(ST2), 919(ST2), 920(ST2), 921(sU1), 
922(SU1), 923(SU1), 924(ST2)¢. 
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